APPENDIX A

COMPARATIVE BEHAVIOR OF LATERALLY LOADED GROUPS OF
BORED AND DRIVEN PILES
INTRODUCTION

The soil modelling approach that has been adopted in this research is to simulate
lateral group behavior by

(1) using p-y curves for statically loaded single piles from well-know criteria [e.
g., 1, 2]. These criteria are resident in many design-level computer codes and are easy for
the designer to implement [e. g., 3, 4, 5];

(2) converting the static p-y curves into dynamic p-y curves if seismic or impact
loading is being modelled (Appendix B); and

(3) modifying single-pile curves for lateral group action by using a p-multiplier,
which may be either a static factor, discussed in this appendix, or a dynamic factor,
discussed in Appendix B. The p-multiplier approach 1s used in FLPIER [4, 5], modified
for dynamic loading as described in Appendix C.

Values for p-multipliers have been evaluated through detailed numerical or
analytical modelling or by performing load tests on pile groups, or by a combination of
both numerical / analytical modelling and field or centrifuge tests [6, 7, 8, 9, 10].
However, none of these studies has been specific to the construction method that is used
to install the piles. The contribution of this appendix is to describe a major field load
test program in which the effect of the piling construction method on p-multipliers was

evaluated.
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TEST SITE AND TEST ARRANGEMENT
Site Conditons

In its planning for the construction of foundations for numerous viaducts to
support rail traffic through the west central coastal plain of Taiwan, the High Speed Rail
Authority of Taiwan contracted with several universities, consulting firms and
contractors to construct and load test and two large, full-scale pile groups. The west
central coastal plain of Taiwan is in a geographical area that is prone to large seismic
events, and it was considered necessary to design the viaducts to resist large horizontal
loads.

The objective of the test program was to measure the capacity and stiffness of
groups of vertical piles of different designs that were loaded laterally with a quasi-static
ground-line shear. Two test groups were selected for construction and testing. The cost
of construction for each group was estimated to be approximately equal. These groups
were constructed and loaded to the capacity of the loading system, 1000 metric tons ("T")
(9.8 MN). One pile group consisted of bored piles (drilled shafts), and one consisted of
round, displacement-type prestressed concrete piles, which were driven into position.

The test site was located about 5 km west of the town of Chaiyi, Taiwan, on a flat
coastal plain. Soil conditions at the test site are summarized in Figure A-1. The ground
surface shown in that figure is the elevation of the ground surface at the base of the pile
caps of the tested groups after minor excavation. Detailed soil data are available in
Reference 11. Numerous geophysical tests, soil borings and CPT, SPT and DMT
soundings were made on the test site, within 5 m of each test group. The Unified

classifications of the soil layers and the various parameters listed in the "Properties"



column of Figure A-1 were deduced from the borings and soundings [11]. The
piezometric surface was located at 3 m below the ground surface. The soils in the top 8
m of the profile are considered to be "sands" with a relative density of 50 to 60 per cent in
the following analysis.
Testing Arrangement

The layouts of the test groups are shown in Figures A-2 and A-3. All piles were
plumb (v the tolerances permitted by the High Speed Rail Authority (2 per cent). The
lateral load tests were conducted essentially by jacking the two test groups apart. That is,
the test groups served as mutual reactions for each other.
Bored Pile Group

The bored pile group (Figure A-2) consisted of six, 1.5-m-diameter piles installed
to a depth of 33 - 34 m below the ground surface, All six of the group piles were
constructed using the slurry displacement method of construction, in which a bentonite
slurry was used to maintain borehole stability. Several other bored piles were
constructed, as shown in Figure A-2. Piles B1 and B2 served as reference piles for lateral
loading (tcs’ted as single, isolated piles). They were tested individually with free heads.
Pile B10 served as a reference pile for axial loading. (Piles B9 and B11 served as anchor
piles for the axial loading test on Pile B10. The group cap served as the reaction for the
lateral load tests on Piles Bl and B2.) Only Pile Bl was constructed by the slurry
displacement method, as per the group piles. Piles B2 and B10 (highlighted in Figure A-
2 with boldface and underlining) were constructed using the oscillated casing method, in
which casing is oscillated into the soil continuously for the full depth of the borehole, and

the soil within the casing is excavated while maintaining a balance on the water head at
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the base of the casing throughout the process. The reinforcing steel is then set and the
borehole concreted using temie techniques as the casing is withdrawn, similar to the way
in which a borehole is concreted during the construction of bored piles by the slurry
displacement method. Because Pile B2 was constructed in a manner different from the
group piles, results from the test on Pile B1 were used exclusively in the analysis that is
described in this appendix. The axial load test results on Pile B10 were used only in a
general way to confirm the approximate correctness of the axial Joad model that is needed
for the analysis of laterally loaded pile groups with non-pinned heads.

A potentially tmportant detail is the order in which the piles were installed. In
very general terms, the bored piles in the group were installed from the front, or leading,
row (first) to the back, or trailing, row (last). It is speculated that this installation order
might have resulted in reduced effective stresses in the coarse-grained soil surrounding
the piles that were installed first — those in the leading row — by the later installation of
piles behind the leading row. Reduced effective stresses in the soil mass around the
front-row piles should have produced softer soil response behavior of the leading-row
piles compared to the behavior that might have occurred if the leading row of piles had
been installed last.

Driven Pile Group

The driven pile group consisted of 12, 0.80-m-diamter, closed-toe, hollow,
circular prestressed concrete piles. They were likewise driven to a penetration of 33 to 34
m. These piles can be considered to be "displacement piles." The hollow core of each
pile was filled with an instrument package and concrete after all of the piles were

installed. A single, isolated pile, denoted P13 in Figure A-3, was tested laterally in a
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free-headed state by reacting off the group pile cap. Before the cap was constructed,
Piles P6 and P7 were subjected to axial load tests. Because of the assumptions
concerning head fixity in the driven pile group, discussed later, it was not necessary to
model the axial load behavior of the group piles with close accuracy.

The installation order of the driven piles is also shown in Figure A-3. The order
of installation was somewhat more random than that in the bored pile group, but in
general the piles on the leading row were installed prior to the piles on the second (first
trail) row, which were in turn installed in general prior to the piles in the third (second
trail) row. The piles on the fourth (third trail) row were in general installed last. With
displacement-type piles in coarse-grained soil, it can be speculated that the effect of
installing the leading row first was opposite to that of installing the leading row first in
the bored pile group. That is, installing displacement piles in a row behind a row of piles
already installed would increase effective stresses around the piles already installed and
result in stiffer soil response 1n those piles than in the piles installed later.

Instrumentation

Both the bored and driven piles were instrumented thoroughly. Those piles that
were subjected to individual-pile axial load tests were instrumented with a toe load cell, a
family of telltales and rebar stress meters (referred to in the United States as "sister
bars"). Those piles that were subjected to lateral load tests, including all of the group
piles and the lateral reference piles, were instrumented with inclinometer tubing on
approximately the neutral axis of the pile. Deviations in lateral deflection from the pile
toes (considered to be stationary) were measured with precision inclinometers during the

load tests. Some of the piles that were loaded laterally also contained sister bars. The



translations and rotations of the group caps were measured by using LVDT's suspended
from reference frames supported in the soil as far from the test groups as possible. The
load was applied to the group by multiple hydraulic jacks whose loads were controlled so
as to "steer" the group on an approximately straight path. Each jack was equipped with a
calibrated electronic load cell.

The instruments for the bored piles were affixed to the reinforcing steel cages -
prior to inserting the cages into the boreholes and concreting the piles. The instruments
for the driven piles were installed in the hollow core of each pile by attaching the
instruments to a carrier and lowering the carrier into the core after the piles were driven.
The operation was completed by concreting the instruments into the core.

The interpretations that are given here are based on the jack load cell, cap
deflection and inclinometer readings. Sister bar readings, although available, were not
used because not all piles had sister bars and because initial review of the readings
revealed some inconsistencies that could not be explained by the individuals reviewing
the data.

More information on the instrumentation and pile group arrangements can be
found in Reference 12.

SINGLE PILE TESTS
General Description

The single, reference piles (B1, B2 and P13) were all tested statically, free-
headed, by applying a horizontal load approximately 0.5 m above the ground surface.
The geomaterials from that level to the ground surface were removed in the analyses that

follow. The individual test piles were all subjected to forced vibration tests to load

A-6



amplitudes as high as 44.5 kN (5 tons) prior to the static load tests. Since these loads
were comparatively small, it has been assumed that they had minimal effect on the load-
movement behavior that was measured in the static tests. The loads were applied to the
single piles by reacting off the respective group pile caps, prior to loading the pile groups,
in a direction perpendicular to the direction of group loading. Again, it was assumed that
the loading of the single piles in this manner had no effect on the measured response of
the pile groups.

The single-pile load tests were performed on May 29 - 31, 1997, approximately
five months after the piles were installed. Loads were applied semi-monotonically, That
is, loads were applied in increments until the load reached approximately one-seventh of
the expected capacity, upon which the load was removed. The process was repeated for
loads equal to about two-sevenths of the expected capacity, three-sevenths of the
expected capacity, and so forth until the final capacity was reached. Readings that were
made near the peak loads on each cycle are reported in this appendix, as it was assumed
that the lateral pile response at such loads was not significantly influenced by cycling at
lower load amplitudes.

The load-deformation-depth relations that were measured for Piles Bl (reference
for the bored pile group test) and P13 (reference for the driven pile group test) are shown
in Figures A-4 and A-5, respectively. The symbol "T" in those figures represents metric
tons ("tonnes") rather that U, S. tons, where 1 T = 9.8 kN. As stated previously, Pile B2
was not used as a reference because it was installed with the oscillated casing procedure
rather than the slurry displacement procedure that was used for all of the group piles. As

would be expected intuitively, the bored pile, B1, carried considerably more load at a
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given head deflection than did the driven pile, P13, because of its much larger moment of
inertia, For the same reason significant lateral pile movement occurred to a greater depth
in the reference bored pile (about 7 m) than in the reference driven pile (about 5 m),
Analysis of Single Pile Test Results

From the perspective of the objective of this appendix the main purpose of the
single pile tests was to establish site-specific, pile-geometry-specific and construction-
method-specific p-y curves for the reference piles. The pile and soil profile that was
assumed for the analysis of the single-pile load tests is shown in Figure A-6. The soil
was modelled initially by using standard p-y curve formulations — "Reese" [1] for
coarse-grained soil layers ("sand") and "Matlock” [13] for fine-grained ("clay") soil
layers. In preliminary analyses the "O'Neill" p-y criterion [2] was also used for the sand
layers, in place of the Reese criterion; however, the predictions of deformed pile shape
was better with the Reese criterion, so the Reese criterion was used as the starting point
for the analysis,

Modelling of the structural properties of the piles is at least as important as
modelling the resistance-deformation behavior of the soil (i. e., through p-y curves).
Simplified design drawings for a typical bored pile and a typical driven (prestressed
concrete) pile are shown in Figures A-7 and A-8, respectively, Material properties of the
concrete and steel are given in Table A-1. (These were the target properties that were
verified from concrete cylinder tests for cast-in-place concrete and steel coupon tests on
reinforcing steel. No verification was available for the properties of the concrete in the
presiressed outer shell of the driven piles or for the prestressing steel.) The concrete-steel

model was the model proposed by Andrade [14] and implemented in the version of
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FLPIER used in this study [15]. This model computes bending stiffness along the pile by
first computing strains across the cross-section of a bending element (representing the
pile) and assigns corresponding stresses based on uniaxial stress-strain curves for
concrete and steel in compression and tension.  The gapping-unloading-reloading
(hysteretic) structural model described in Appendix C was not resident in the version of
FLPIER used in these analyses (Version 5.1); however, because of the procedure by
which the tests were conducted, the gapping-unloading-reloading phenomenon should
have had little effect on the pile deflections at the loads at which the tests, both single pile
and group, were analyzed (at or near the peak load in a cycle).

When the tests were first analyzed with FLPIER using the Reese and Matlock p-y
criteria for the soil and the Andrade structural model for the piles, relatively poor
comparisons with the measurements were achieved. Modifications to the p-y criteria in
the upper 12.0 m of the soil profile were then made in order to improve the match in
measured versus computed displaced configuration at several selected loads; that is, site-
specific p-y curves were determined. The diameters of all bored piles (including the
group piles discussed later) were increased in FLPIER from 1.5 to 1.60 m to account for
oversizing of the borehole that commonly occurs when excavating a bored pile in coarse-
grained soil under a drilling slurry. The p-y curves derived from the original published
criteria are compared with the modified p-y criteria that were necessary to provide
acceptable matches with the measured data in Figures A-9 through A-11, for Piles B1, B2
and P13.

One modification to the p-y curves was to prescribe a non-zero resistance at the

soil surface. This is contrary to the Reese sand criterion, which provides for zero soil



resistance at the surface, It is not clear what physical phenomenon this change reflected.
The surface soil (Figure A-1) was described as a "sandy silt with some clayey silts," even
though it classified as an SM. It is possible that the need to give the soil surface
resistance could reflect a cohesion component to shear strength of the soils not reflected
by the Reese sand criteria. ~However, a more likely condition was that the bored piles
were greater than 1.6 m in diameter at the surface because of the effects of auger drilling,
and that the need to give the soil non-zero surface resistance actually simulated increased
bending stiffness in a pile with a "mushroom" top. The salutary effect of using a non-
zero surface resistance p-y curve, as shown at the soil surface in Figures A-9 through A-
11, versus using null p-y curves at the surface, is demonstrated in Figure A-12.

The original and modified p-y curves necessary to model Pile B2 (Figure A-10)
were included, even though the data from Pile B2 were not used in modelling the bored
pile group, because a comparison of Figure A-9 for the slurry bored pile with Figure A-
10 for the full-depth casing pile shows that, although there are local, depthwise
differences in the p-y curve corrections, the mean correction is about equal for both
methods of construction. This suggests that there was no advantage from the point of
view of maintaining soil properties around the piles in using one construction method
over the other.

On the other hand, comparison of Figures A-9 (bored pile B1) and A-11 (driven
pile P13) indicates that smaller modifications had to be made to the p-y curves for the
driven piles than had to be made for the bored piles. The modifications that were made
were generally to stiffen the p-y curves for the driven piles, whereas the p-y curves had to

be softened, in general, for the bored piles.

A-10



Two numerical models (computer codes) were used to analyze the single-pile test
results: LPILE [3] and FLPIER [15]. Both codes simulate nonlinear bending and axial
load effects in laterally loaded concrete piles using similar procedures, and both use p-y
curves to represent the soil in an identical manner. The results from both codes were
essentially identical, as is demonstrated for Pile B2 in Figure A-13. However, FLPIER
was selected for further use in this study because it was desired ultimately to develop p-
multipliers that could be used in FLPIER.

The modified p-y curves shown in Figu_res A-9 through A-11 were accepted as the
correct set of p-y curves for the test site for bored and driven piles, respectively, of the
sizes used in the test groups. p-y curves below a depth of 12 m were taken as the curves
predicted by the standard p-y criteria. These curves were used without any site-specific
modifications. Any deviations from these families of p-y curves that were needed to
model the group tests were considered to be the results of (a) pile group construction,
including installation order, and (b) pile-soil-pile interaction during lateral loading.

PILE GROUP TESTS
Effects of Pile Construction on Soil Property indexes

When the pile group construction was completed, but prior to load testing of the
groups, soundings were made though small access holes in the pile caps to assess the
index properties of the soil within the pile groups compared to index properties before the
piles were installed.  Several different types of probes were used. Two will be
considered here: The seismic piezocone (SCPTU) and the dilatometer (DMT).
Locations of the probes within each group are shown in Figures A-2 and A-3. Changes

from initial values prior to construction to values obtained by probing the soil within the
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groups for q. (cone tip reading corrected for pore pressure) and E4 (the dilatometer
modulus) are shown in Figures A-14 through A-17 for both the bored pile group and the
driven pile group [16]. The differences in initial and post-construction readings are
denoted by the symbol "A" in those figures.

Comparing Figures A-14 and A-15, it is obvious that there was a tendency for g,
to decrease due to pile installation in the upper 12 m in the bored pile group, while in the
same depth range in the driven pile group the tendency was for q. to increase due to pile
installation. S.imilarly, from Figures A-16 and A-17, the dilatometer modulus decreased
within the bored pile group, while there was a slight fendency for it to increase in the
driven pile group above a depth of 12 m. These data strongly suggest that the installation
of bored piles loosened the soil between the piles within the bored pile group, or perhaps
reduced lateral effective stresses, or both. On the other hand, the installation of the
driven piles increased the soil density or lateral effective stresses, or both. These data
suggest that the p-multipliers that are necessary to simulate group behavior using the site-
specific (modified) single-pile p-y curves as a baseline will likely be different in the two
groups.

Lateral Load Tests

The groups were tested approximately two months after the single, reference piles
were tested, using a quasi-monotonic loading procedure that was very similar to the
procedure used for the single piles. The groups were loaded by essentially jacking them
apart. The results of the load tests, in terms of cap translation versus lateral load (applied
0.5 m above the ground surface), are shown in Figures A-18 and A-19. A maximum load

of 1000 tonnes (17.8 MN) was applied to each group. It is obvious that the bored pile
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group, consisting of six, 1.5-m-diameter piles, was much stiffer than the driven pile
group, consisting of twelve, 0.8-m-diameter piles, despite the fact that the installation
method seemed to weaken the soil around the bored piles within the group.

This seemingly anomalous behavior (from a soil mechanics perspective) was
likely caused by two important factors. First, the bored piles were tied into the pile cap
through heavy, hooked rebars, with full development lengths extending into the pile cap,
which were assumed to provide a moment connection between the pile cap and the pile
heads. No such moment connection existed between the pile cap and the driven piles, in
which the cast-in-place concrete for the steel-reinforced pile cap was merely poured over
the extended heads of the driven piles. The driven group piles therefore behaved more as
free- or pinned-headed piles than as fixed-headed piles. Moment connections stiffen the
group response considerably relative to pinned connections. Second, the sum of the
moments of inertia of the six bored piles was higher than that of the 12 driven piles,
further stiffening the bored pile group. The fact that the bored pile group was stiffer
despite the obvious disadvantages of using bored piles with regard to the stiffness of the
soil between the piles indicates the significance of the behavior of the structural
components of the pile-soil-cap system and the importance of modelling correctly the
structural performance of the pile group system.

On the other hand, a measure of the effects of soil softening due to lateral pile
group action in both groups is evident in Figures A-20 and A-21. The depths of
significant lateral pile deflection are much deeper in these figures, from the group tests,
than from the corresponding figures for the single pile tests, A-4 and A-5, recalling that

the loads shown on Figures A-4 and A-5 are loads per pile, whereas those shown on
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Figures A-20 and A-21 are loads for the entire group. Note that there is some
discrepancy in measured head deflections among piles in Figure A-20. The lateral
deflections at the head of each pile (base of pile cap) should be equal; hence, the
differences in head deflections in Figures A-20 and A-21 are indications of the reliability
of the deflection readings, which seemed to be comparable in both groups.
Modelling Group Behavior

Both group tests were modelled in a preliminary step using Program GROUP 4
[17] and FLPIER, Version 5.1. Both codes gave similar results for the group load tests at
small loads; however, it is necessary to model nonlinear bending in the piles at higher
loads, which is not done automatically in GROUP 4. This made it difficult to account for
the effects of the prestress on bending stiffness of the driven piles at higher loads. The
prestressing force is applied as a uniform axial load along the pile in FLPIER. This force
retards the onset of tensile cracking and the resulting reduced bending stiffness in the
piles. Eventually, however, the piles develop tensile cracks, which reduces bending
stiffness. FLPIER handles this effect automatically. GROUP 4 gave a stiffer response
than FLPIER for the bored pile group at higher loads because it did not automatically

adjust pile stiffness when cracking moments were applied. (In both cases — bored and

driven piles — bending stiffness can be reduced by the user in GROUP 4, making
multiple runs when combinations of computed bending moments and axial loads indicate
that there will be cracking in the cross section, but this process is slow and inconvenient
compared to using FLPIER, which makes the stiffness adjustments for flexural cracking
automatically.) FLPIER also allows the user to model the bending flexibility of the pile

cap, whereas GROUP 4 assumes that the pile cap undergoes rigid body motion. Since

A-14



the diameters of the piles in the bored pile group were large relative to the thickness of
the cap, cap bending was a possibility, and the ability to simulate this phenomenon was a
virtue in the group model. For these reasons, and because it was desired to compute the
p-multipliers directly for FLPIER, further work with GROUP 4 was abandoned.

The pile head and group cap conditions that were modelled by FLPIER are shown
in Figures A-22 and A-23. All soil that had surrounded the bottom parts of the pile caps
was removed physically prior to the tests, so that there was no passive resistance or side
shearing resistance against either cap. However, both caps were cast on the ground. No
measurements of the shearing stresses between the bottoms of the caps and the soil were
made, and no reliable measurements of shear load distribution among the piles were
available, Therefore, it was assumed that the contribution of cap base shear to the total
group resistance was very small, and it was neglected in the FLPIER analyses.

A less obvious, but no less important, phenomenon that had to be modelled with
FLPIER in the simulation of the behavior of the fixed-headed bored pile group was the
rotational stiffness of the group, or the axial "push-pull" couples that resist the applied
moment (applied load times 0.5 m, as shown in Figures A-22 and A-23.) and the "fixing"
moments that are produced at the pile heads as the cap translates. These latter moments
cause the cap to rotate and the fixing moments to relax, thus softening the lateral response
of the pile group. The degree to which the cap rotates under loading from the fixing
moments depends upon the stiffness of the group piles in the axial push-pull mode. It is
therefore important to model the axial stiffnesses of the piles when the pile heads are

assumed to be fixed into the pile cap because these stiffnesses directly influence the p-y
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curves that are required to be used to provide a match with the lateral deflection
measurements.

Unfortunately, the only axial load test that was available for direct determination
of unit axial load transfer curves for the bored piles, which can also be supplied to
FLPIER to simulate axial pile stiffness, was the test on Pile B10. That pile, however, was
installed using the full-depth-casing technique, rather than the direct slurry displacement
technique used in the group piles. Therefore, unit axial Joad transfer curves (sometimes
called "t-z" and "g-z" curves) were generated using an internal routine in FLPIER, which
uses an approximate method based on principles given by Randolph and Wroth [18]. The
axial stiffness calculations are carried out by using a simple discrete element model to
which t-z and g-z springs area attached. In order to generate the t-z and g-z curves in
FLPIER, it is only necessary to specify a value of soil shear modulus in the free field, G,
and the ultimate value of unit side shear f,,,, and of base resistance gm.. G was estimated
in the coarse-grained soil layers from Eqs. A-1 and A-2,

E
o S R Ny where (A-1)
2(1+v)
E(psf)=10,000 Ny, . (A-2)
In Eq. A-2, Ngg is the standardized SPT blow count (average value in a given layer).

Poisson's ratio (v) was taken to be 0.3. For fine-grained soil layers, Eq. A-1 was used to

estimate G, whereas E was obtained from Egs. A-3 and A-4,

50s,
=——"  where (A-3)
(1+v)
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In Eq. A-4, s, is the undrained shear strength of the fine-grained soil. Poisson's ratio (V)
was taken to be 0.5.

The ultimate unit side and base resistances were obtained from API [19], which is
strictly valid only for driven piles but which was assumed to give appropriate values for
bored piles, as well. In coarse-grained soils iy is set equal to 6"y K tan 8 < fi, (limit),
where o'y is the vertical effective stress at the center of a given soil layer, K is an earth
pressure coefficient taken equal to 0.8 and & is an angle of pile-soil wall friction
prescribed by API RP2A based on the fines content and relative density of the soil. fi,
(limit) is based on the same properties. Qmax in compression is defined by o'y (base) N,
where N, is a function of fines content and relative density < gmay (limit). gmax (limit) is
likewise given by API to be a function of fines content and relative density. and is set
equal to zero for uplift loading,

In fine-grained soils fy. is determined in API RP2A from the ratio of s, to @',
and Qmy 18 taken to be 9 s, at the base of the pile for compression loading and zero for
uplift loading.

Once the axial load-movement behavior of single piles was simulated in FLPIER,
that value was used for each bored pile in the group without modification for axial group
effects. The argument for making this simplifying assumption was that the front
(leading) row of piles would settle, the back (trailing) row of piles would go into tension,
and the middle row of piles would essentially remain stationary axially. The tendency for
one pile on the front row to soften the behavior of its neighbor on that row is
approximately offset by the tendency for the uplift in both piles in the back row to stiffen

the behavior of the piles on the front row, with similar effects for piles on the back row.
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No strong concern about modelling of axial behavior existed for the driven pile
group, since no fixing moments develop with pinned-headed piles, and the lateral
stiffness is essentially decoupled from the axial push-pull behavior, Nonetheless, the
same procedure was used for simulating axial response in the driven pile group that was
used in the bored pile group.

With the modelling of axial behavior accomplished, the main effort in modelling
the test groups with FLPIER was to determine how the site-modified, single-pile p-y
curves (Figure A-9 and Figure A-11) were required to be modified again to produce the
p-y curves best suited to modelling group behavior. The second-step modification (for
group action) was made by multiplying the site-modified p-y curves in Figures A-9
(bored piles) and A-11 (driven piles) by appropriate p-multipliers specific to each row of
piles, from the leading row to the last trailing row.

The concept of the p-multiplier, as applied in this study, is briefly explained in
Figure A-24. For each pile on a given row in the group (leading, first trailing, second
trailing, and so forth), all of the p-values on all of the p-y curves at every depth are
multiplied by a single factor p (the p-multiplier for that row in the group)., p was varied
in the FLPIER model until an acceptable match was found between the computed and
measured load-deformation behavior of the pile cap for both group tests, By following
the procedure outlined in this appendix the factor p describes the combined effect of
group construction and group loading on lateral pile group action,

The p values (p-multipliers) were ascertained by varying p on a row-by-row basis
and comparing the computed cap translations at seven values of cap load, ranging from

150 T (1.47 MN) to 1000 T (9.8 MN). The number of loads at which the absolute value



of the computed deflection minus the measured deflection divided by the measured value
of deflection exceeded 15 per cent was considered a measure of the accuracy of the
selected family of p values. The results of a subset of analyses of the effects of families
of p values on cap displacement in the bored pile group are summarized in Table A-2.
The most accurate family of p values for the bored pile group is shown in Column (8) of
Table A-2, although the families of values in Columns (2) and (10) of Table A-2 are
essentially of equal accuracy,

The optimum set of p values (p-multipliers) for each group is presented in Table
A-3, Also shown in Table A-3 are values that have been cited by Peterson and Rollins
[8] as being appropriate for laterally loaded pile groups based on information available in
1996. The p-multipliers for the bored pile group in the current study were, on the
average, lower than those cited by Peterson and Rollins, while the p-multipliers for the
driven pile group were higher, row by row and on the average, than those of Peterson and
Rollins. Considering the independent soil data of Huang in Figures A-14 through A-17,
these trends appear to be clearly related to installation methods.

The measured lateral load versus lateral translation relations for both pile groups
are compared with the relations predicted by FLPIER using the site-specific (modified) p-
y curves for both bored and driven piles (Figures A-9 and A-11) and the p-multipliers
tabulated in Table A-3 are shown in Figure A-25. The predictions are excellent,

Finally, a typical comparison of computed and measured deflected shapes for
group piles is shown in Figure A-26. The FLPIER model with the modified p-y curves
and the deduced p-multipliers appears to give good predictions of pile shape under
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Further details on the field tests and the analysis of the field tests can be found in
Reference 20,
CONCLUSIONS AND RECOMMENDATIONS
Conclusions

Although the knowledge obtained from the Chaiyi field tests and their analysis is
site specific, the general conclusions stated below are expected to be valid for other sites
where similar soil conditions exist (loose to medium dense silty sands and sandy silts
near the surface) and at which piles are installed with a similar geometry (rectangular
groups with three-diameter center-to-center pile spacing) by casting the piles in place or
by driving displacement piles. 1t is pointed out that these conclusions cannot be extended
to sites where liquefaction will occur, nor is it likely that these conclusions apply to
predominantly clay sites. The conclusions can be stated as follows:

1. Single-pile p-y curves needed to be softer (reduced p values for given values
of y) than the prescribed curves (Reese criteria for sand layers: Matlock
criteria for clay layers) for large-diameter (1.5 m) bored piles. See Figure A-
9.

2. Single-pile p-y curves did not require overall softening relative to the
prescribed curves (Reese criteria for sand layers; Matlock criteria for clay
layers) for smaller-diameter (0.80 m) driven displacement piles; but some
modification at individual depths, both softening and stiffening, was needed to
optimize the simulation of measured single pile behavior. See Figure A-11.

3. The ratio of the deduced p-multipliers for the quasi-static loading of bored

piles, averaged over all rows, was approximately 0.65 times that for the quasi-
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static loading of driven displacement piles. The ratio of the average p-
multiplier for the bored piles to the average "standard" value recommended by
Peterson and Rollins was 0.85, whereas the ratio of the average p-multiplier
for the driven displacement piles was 1.33 times the value recommended by
Peterson and Rollins. See Table A-3.

. The row-wise pattern of p-multipliers for both the driven and bored pile
groups, tabulated in Table A-3, was similar to that observed by others. That
is, the highest values appeared on the leading (front) row, the next highest on
the first trailing row, etc. [When the extreme event loading has a predictable
direction, it is appropriate to use row-wise p-multipliers in the design process.
In seismic events, however, loading direction likely varies, and loading is
cyclic, making it more reasonable from a design perspective to use average p-
multipliers for all piles in the group.] The exact row-to-row ratios of p-
multipliers is likely a function of the order of pile installation. In this study,
the installation order was generally from front (leading) row to back (last
trailing) row.

. The differences in p-multipliers for bored and driven piles apparently largely
reflect the effects of the differing effects of boring and driving displacement
piles on the density and stress state in the mass of soil within the pile group.

. The reduced soil stiffness around the bored piles was overshadowed by the
effects of head fixity and pile diameter (higher moment of inertia) in the bored

pile group,
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The applicability of the results summarized in this appendix to p-multipliers for
dynamic loading (e. g., Appendix B) is not clear, However, the results suggest that for
low frequencies of seismic loading (low predominant frequency of the seismic event) the
average p-multiplier for groups of bored piles should be lower than those for driven
displacement piles by a factor in the range of 0.65.

Recommendations for Further Research
The following additional research is recommended:

1. Further research is needed to understand the frequency range to which the
ratio of p-multipliers for bored piles to those for driven piles, deduced from
static tests such as these tests, applies.

2, Tt is possible that p-multipliers will be different for bored piles installed with
continuous, full-depth casing than for bored piles installed by slurry
displacement, Further research into this phenomenon is warranted if full-
depth casing construction methods become common on DOT projects in the

United States.
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Table A-1. Concrete and Steel Properties for Chaiyi Load Tests

Property Bored Piles and Cap Prestressed Concrete Piles
f'c (concrete) 27.5 MN/m* 78.4 MN/m" (shell)
20.59 MN/m? (core)
E. (concrete) 2.5 X 10° MN/m” 3.35 X 10" MN/m” (shell)
No data for core (2.0 X 10*
MN/m? used)
f, (steel) 411.6 MN/m” 1421 MN/m” (cable)
E, (steel) 199.8 GN/m” 199.8 GN/m”
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Table A-2. Effect of Varying p-Multipliers on Cap Deflection for the Bored Pile Group

Computed cap deflection (mm)
Load | Measured (1) (2) (3) (4) (5) (6) (7) (8) (9) (10) (11) (12)
(T) cap 0.8 0.6 0.6 0.6 0.7 0.7 0.5 0.5 0.5 0.5 0.65 | 0.55
deflection | 0.4 03 03 0.2 0.2 0.3 0.3 0.4 04 0.3 0.35 | 047
(mm) 0333 | 03 0.2 0.3 0.3 0.2 0.3 0.3 0.2 04 0.2 0.13
150 1.38 181 | 2187 232 | 251 219 | 220 | 228 2.14 231 | 213 | 218 | 2.26
+31% | +55% | +68% | +67% | +59% | +59% | +65% | +55% | +67% | +54% | +58% | +64%

300 4.34 348 | 417 | 458 | 456 | 424 | 427 | 457 | 422 | 461 | 420 | 424 | 451
20% | 4% | +6% | +5% | 2% | 2% | +5% | 3% | +6% | 3% | 2% | +4%

450 8.05 609 | 755 | 821 | 817 | 762 | 765 | 806 | 749 | 8.19 | 743 | 7.65 | 7.95
24% | 6% | 42% | 2% | 5% | 5% | 0% | 1% | +2% | 8% | 5% | -1%

600 12.96 785 | 98 | 108 | 108 | 100 | 100 | 106 | 97 | 107 | 967 | 100 | 104
> 39% | 24% | -17% | -17% | -23% | -23% | -18% | 25% | -17% | -25% | -23% | -20%

800 10.1 1ts | 153 | 1201 170 | 136 | 157 | 163 | 152 | 169 | 52 | 155 | 164
+17% | 452% | +68% | +68% | +55% | 455% | +65% | +50% | +67% | +50% | +55% | +62%

900 18.69 46-| 1931 | 2L.5-| 215+ 195 | 195 | 211 189 | 213 | 189 | 193 | 205
22% | +2% | +15% | +15% | +4% | +4% | +13% | +1% |+14% | +1% | +3% | +10%

1000 23.15 195 | 26.6 | 301 | 301 | 27.2 | 27.2 | 296 | 264 | 299 | 264 | 27.0 29
-16% | +15% | 430% | 430% | +18% | +18% | +28% | +14% | +29% | +14% | +17% | +25%

Average difference
ratio -10% | +13% | +25% | +24% | +15% | +15% | 423% | +12% | +24% | +12% | +15% | +21%
Error probability 777 377 4/7 4/7 4/7 4/7 4/7 3/7 417 3/7 4/7 4/7

Note: The percentage below each computed deflection is the ratio of the difference between a computed and measured
deflection to the measured deflection; “Average difference ratio” is the value of the sum of all the difference ratios in a column
divided by the number of total loads, i.e., 7; “Error probability” is defined as the ratio of the number of the loads whose corresponding
difference ratios exceed +15% to the number of total loads.



Table A-3. p-Multipliers for Chaiyi Lateral Group Load Tests

Inferred p-Multipliers p-Multipliers Default p-
Pile Row from Chaiyi Load Tests from Peterson | Multipliers from
Bored Pile | Driven Pile and Rollins FLPIER
Group Group Bl =" Blr=3
Lead 0.5 0.9 0.6 0.8
First Trail 0.4 0.7 0.4 0.4
Second Trail 03 0.5 0.4 0.2
Third Trail - 0.4 - 0.3
Average 0.4 0.63 047 0.43
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Figure A-4. Measured Load-Deflection-Depth Relations for Pile B-1

A-32



Deflection (mm)

Depth (m)
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APPENDIX B

DYNAMIC RESPONSE OF PILES TO EARTHQUAKE LOADING — ANALYTICAL

INTRODUCTION

Catastrophic damage that has resulted from recent earthquakes has raised concerns about
the current codes and approaches used for the design of structures and foundations. In the past,
free-field accelerations, velocities and displacements have been used as input ground motions for
the seismic design of structures without considering the kinematic interaction of the foundation
or the site effects that have resulted from the soil stratigraphy and the introduction of piles.
Depending on the pile or pile group configuration and soil profile, free-field response may
underestimate or overestimate actual in-situ conditions that will result in radically changed
foundation and structural behavior and therefore impact design criteria.

The behavior of pile foundations during an earthquake event is influenced by the
interaction of the pile foundation with the surrounding soil medium. This interaction can be
categorized into (a) kinematic interaction and (b) inertial interaction. The former characterizes
the response of- piles to the seismic loading through the soil, while the latter describes the pile-
soil interaction due to the inertial loading from the superstructure applied at the pile head. The
characteristics of the pile-soil interaction in these two types of loading are different. Therefore,

the kinematic interaction and the inertial interaction are addressed separately.

KINEMATIC RESPONSE OF PILES
Recent destructive earthquakes have highlighted the need for increased research into the

revamping of design codes and building regulations to prevent further catastrophic losses in

B-1



terms of human life and economic assets. The present study investigated the response of single
piles to kinematic seismic loading using the three-dimensional finite element program ANSYS
[1].

The objectives of this study were twofold:

1. Develop a finite element model that can accurately model the kinematic soil-structure
interaction of piles, accounting for the nonlinear behavior of the soil, discontinuity
conditions at the pile-soil interface, energy dissipation and wave propagation,

2. Use the developed model to evaluate the kinematic interaction effects on the pile
response with respect to the input ground motion, The results of a number of studies

on the kinematic interaction of pile groups reported in the literature are also included.

Assumptions and Restrictions

The problem to be addressed is shown in Figure B-1. As shown, the actual system
consists of a pile foundation supporting a typical bridge pier. Current design codes use the free-
field motion as the input ground motion at the foundation level. The analysis described herein
attempted to evaluate the interaction of the pile-soil system and how it alters the free-field
motion and modifies the ground motion at the foundation level.

The dynamic loading was applied to the rigid underlying bedrock (Figure B-1) as one-
dimensional horizontal acceleration (X-direction in finite element model), and only horizontal
response was ascertained. Vertical accelerations were ignored because the margins of safety
against static vertical forces usually provides adequate resistance to dynamic forces induced by

vertical accelerations. Wu and Finn [2], using a three-dimensional elastic model, found that



deformations in the vertical direction and normal to the direction of shaking are negligible
compared to the deformations in the direction of horizontal shaking.

Although the finite element analysis used in this study includes important features such
as soil nonlinearity and gapping at the pile-soil interface, it does not account for build-up of pore
pressure due to cyclic loading. Thus, neither the potential for liquefaction nor the dilatational
effect of clays and the compaction of loose sands in the vicinity of piles is accounted for, in the
current analysis. Furthermore, the inertial interaction between the superstructure and the pile-
foundation system is not considered here. The analysis is limited to the response of free-headed
piles with no external forces from the superstructure ("D’ Alembert forces") to understand better

the kinematic interaction effects in seismic events.

3-D Finite Element Model

Model Formulation

Full three-dimensional geometric models were used to represent the pile-soil systems.

_ Exploiting symmetry, only one half of the actual model was built, thus significantly reducing

computing time and cost. Figure B-2 depicts the pile-soil system considered in the analysis,

showing an isometric view of the half of the model used. Figures B-2 and B-3 show the finite
element mesh (Mesh No. 3) used in the analysis.

The pile and soil were modelled using eight-noded block elements. Each node had three
translational degrees of freedom, i.e. X, Y and Z coordinates, as shown in Figure B-4, A three-
dimensional point-to-surface contact element was used at the pile-soil interface to allow for
sliding and separation in tension, but ensured compatibility in compression. The contact element

had five nodes with three degrees of freedom at each node, i.e., translations in the X, Y and Z
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directions as shown in Figure B-4b. Transmitting boundaries were used to allow for wave
propagation and to eliminate the “box effect” (i. e., the reflection of waves back into the model at
the boundaries) during dynamic loading., The element used to model the transmitting boundary

consisted of a spring and a dashpot arranged in parallel, as illustrated in Figure B-4c,

Soil Properties

The soil was modelled using two approaches: a homogeneous elastic medium and an
elasto-plastic material using the Drucker-Prager failure criteria, to evaluate the effect of soil
plasticity on the pile response. For cases involving plasticity, the angle of dilitancy was assumed
to be equal to the angle of internal friction (associated tlow rule). There was no strain hardening,
and therefore no progressive yielding was considered. Since pore pressures were not considered
in this analysis, effective stress parameters and drained conditions were assumed. The material
damping ratio of the soil, f3, was assumed to be 5% (i.e. D = 10%). This soil material damping
ratio is compatible with the expected strain level under earthquake loading. The governing

equations of the system are given by

[MK&+ [CHi+ [KKu}={F(t)} . (B-1)

where {ii {i& and{u}are the acceleration, velocity and displacement vectors, respectively, and

[M], [C] and [K] are the global mass, damping and stiffness matrices. The damping matrix,

[c]=¢[K], in which the damping coefficient, £ =%]E, and @, is the predominant frequency of
0

the loading (rad/s). Material damping was assumed to be constant throughout the entire seismic

event, although the damping ratio varies with the strain level.
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Pile Properties

Cylindrical reinforced concrete piles with linear elastic properties were considered in this
study. The piles were modeled using eight-noded brick elements. The cylindrical geometry was
approximately modeled using wedge shaped elements (Figure B-2a). No damping was

considered within the piles and relevant parameters are listed on Figure B-5.

Pile-Soil Interface

Modelling of the pile-soil interface is crucial because of its significant effect on the
response of piles to lateral loading [3]. Two cases were considered in the analysis:
1. The pile and soil were perfectly bonded, in which case the perimeter nodes of the
piles coincided with the soil nodes (elastic with no separation).
2. The pile and soil were connected by frictional interface elements that are described
below.
The contact surface (pile) is said to be in contact with the target surface (soil) when the pile node
penetrates the soil surface. A very small tolerance was assumed to prevent penetration and to
achieve instant contact as pile nodes attempt to penetrate the soil nodes (or vice versa). Coulomb
friction was employed between the pile and soil along the entire pile length as well as the pile tip
(for floating piles). The coefficient of friction relating shear stress to the normal stress was
chosen according to API recommendations [4] and was assumed to be 0.7. The contact surface
coordinates and forces were fully updated to accommodate any large or small deflections that
may occur. The penalty function method was used to represent contact with a normal contact
stiffness (K;). K, allowed the interface element to deform elastically before slippage occurred

and was chosen to be equal to the shear modulus of the soil. Convergence was achieved and
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over-penetration was prevented using K,= 6800 kN/m (numerically equal to the shear modulus

of the soil).

Boundary Conditions

Boundary conditions varied depending on the type of loading. For static loading, the
bottom of the mesh (representing the top of the bedrock layer) was always fixed in all directions.
All symmetry faces were fixed against displacement normal to the symmetry plane, but were free
to move on the surface of the plane. The nodes along the top surface of the mesh were free to
move in all directions. The nodes along the sides of the model were free to move vertically but
were constrained in the horizontal direction by a Kelvin element in order to represent a
horizontally infinite soil medium during static and dynamic analyses. The constants were

calculated using the solution due to Novak and Mitwally [5], given by

k, = 2 [S,(ay,0,C )+ IS,(3,0,2)] . ®2)

fo

where k; = total stiffness, G = soil shear modulus, 1, = distance to finite element boundary, S; and
S; = dimensionless parameters from closed form solutions, v = Poisson’s ratio, a, =
dimensionless frequency = r,@/V,, @ = circular frequency of loading and V; = shear wave

velocity of the soil. The real and imaginary parts of Eq. B-2 represent the stiffness and damping,

respectively, i. e.

K=% and C=% ; (B-3)
I'o wry
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To determine the stiffness and damping of the Kelvin elements, the constants given by Eq. B-3
were multiplied by the area of the element face (normal to the direction of loading) because they
assume constant unit area of contact. For static loading, i. e., zero frequency, the damping term
vanishes and the element reduces to a spring only.

For dynamic loading, ® was taken as the predominant frequency of the earthquake load
and was determined from a discrete Fourier transform of the time history of the input motion.
Figure B-6 shows the Fourier amplitude (c,) versus frequency () content for the strong motion
record used in the study. It is evident that a narrow spectrum exists at a dominant frequency of
approximately 2 Hz.

Time dependent displacements were applied to the stratum base to simulate seismic
loading. All other boundary conditions remained unchanged and are graphically portrayed in

Figure B-3.

Loading Conditions

Initial Loading

The state of stress in the pile-soil system in actual in-situ conditions was replicated as an
initial loading condition prior to any additional dynamic or static external load. That is, geostatic
stresses were modelled by applying a global gravitational acceleration, g, to replicate vertically
increasing stress with depth, A linearly increasing pressure with depth was applied to the
periphery of the soil block to replicate horizontal stresses as shown in Figure B-3b. A coefficient
of lateral earth pressure, K,= 0.65, typical of many geological conditions, was used. Due to the
difference in density and stiffness for the pile and soil, the soil tended to settle more than the pile

in the vertical direction, resulting in premature slippage at the pile-soil interface. To eliminate
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this false representation of initial conditions, the difference between the relative displacement
between the soil and the pile was accounted for by adding a corresponding body load to the pile.

The resulting mesh represented in-situ conditions, especially for drilled shafts.

Static Loading

All static loads were applied as distributed loads along the perimeter of the pile head that
was level with the ground surface. Only one-half of the total load was applied to the pile in the

finite element analysis due to the symmetric geometry of a full circular pile.

Dynamic Loading

Strong motion records from the Loma Prieta Earthquake in California (M =7.1) in 1989
were used in the finite element study. The accelerogram and displacement data used were from
the Yerba Buena Island rock outcrop station in the Santa Cruz Mountain [6]. The measured
displacements were applied to the top of the rigid bedrock layer at 0.02 sec intervals.
Considering that the maximum acceleration of the measured one-dimensional motion was 0.03g,
the accelerations were multiplied by a factor of seven to simulate a PHA (peak horizontal
acceleration) of approximately 0.2g for the bedrock input motion. It is important to note that the
acceleration data were for bedrock motions and not free-field motions that can either increase or
decrease in terms of PHA due to the site effects. Motions of 20 sec duration were modelled to
include all of the important features of the earthquake. The predominant frequency was

approximately 2 Hz, which is typical of destructive earthquakes [7].
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Verification of the Finite Element Model

The verification process followed incremental steps to ensure that pile, soil, and boundary
conditions were separately accounted for in order to minimize error accumulation. The size of
the mesh was mainly dependent on the loading conditions (static or dynamic) and geometry of
the piles, The mesh was refined near the pile to account for the severe stress gradients and
plasticity encountered in the soil, with a gradual transition to a coarser mesh away from the pile
in the horizontal X and Y directions. The vertical Z-direction subdivisions were kept constant to
allow for an even distribution of vertically propagating SH-waves. The maximum element size,
Emax, was less than one-fifth to one-eighth of the shortest wavelength (A) to ensure accuracy [7],

i, €.,

E max < (1.5 — 1.8)xA (B-4)

where A = VJ/f, V is the soil shear wave velocity and f is the excitation frequency in Hz. The
minimum V, was 60 m/s, and the dynamic loading had a cut-off frequency equal to 20Hz. Thus,
a maximum element length of 0.5m was adopted. The proposed element division was verified
using results from a sensitivity study focussing on vertical pile shaft discretization by El-
Sharnouby and Novak [8], who found that using 12 to 20 elements gave accurate results with a
minimum of computational effort. Thus, that range was adopted for this study.

The pile mesh was first verified by considering the pile as a fixed cantilever in air (no
soil), Lateral deflections resulting from a static load for three different pile mesh sizes were
compared to one-dimensional beam flexure theory, and the maximum difference was 8%, The
results were very close, the small differences, however, could be explained by the fact that beam
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theory is not exact (ignores shear deformations) and the finite model was not a perfect cylinder.
Since the maximum number of elements (6000) and nodes (11000) available was limited, 180
elements were used to model the pile (accuracy within 8% of theoretical solutions). When soil
and boundary elements were added, the total number of elements was close to the limit.

The soil was added to the model assuming a homogeneous soil stratum (Figure B-5). The
elastic responses of socketed and floating single piles in the homogeneous soil stratum were
compared to the results from two different analyses. (a) the results from Poulos and Davis [9]
using Mindlin’s eéuations and enforcing pile-soil compatibility; and (b) the results presented by
Trochanis et al. [3] using a 3-D finite element analysis, although their pile had a square cross-
section but the same flexural rigidity. Three different soil meshes were built with increasing
refinement to determine an acceptable level of accuracy while maintaining a computationally
efficient model. Mesh No. 1 consisted of 1080 elements, Mesh No. 2 consisted of 2640
elements, and Mesh No. 3 had 3280 elements. Other meshes with a total number of elements
equal to 6000 were also tested but were not used due to unreasonable computer processing time.

The results for the linear elastic response under lateral loading at the pile head are shown
in Fig. B-7a. The mesh that yielded the closest match (Mesh No. 3, depicted in Figures B-2 and
B-3) was used in the analysis. The deflections obtained in this study were slightly greater than
those from Poulos and Davis [9]. However, those authors pointed out that their solution might
underestimate the response of long piles in soft soils. Figures B-7b and B-7c show pile head
deflections considering separation at the pile-soil interface and soil plasticity, respectively. It
can be seen that good agreement exists with the results from Trochanis et al. [3]. The differences
in the plastic soil case may be attributed to the use of a different model for soil plasticity

(modified Drucker-Prager model). Figures B-8a and B-8b show the elastic soil surface
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displacements away from the pile compared to results from elastic theory by Poulos and Davis
[9] and other finite element analyses (FEA) [3]. It can be seen from Figures B-8a and B-8b that
the results obtained using Mesh No, 3 agree well with both solutions, especially close to the pile,
The pressure distribution in the soil agreed equally well.

The final step in the verification process was accomplished by solving the ground
response to an earthquake signal using the finite element model and comparing the elastic free-
field response to that obtained using the program SHAKE91 [10]. Considering that SHAKE91 is
a 1-D analysis, constraints were applied to the finite model to allow only displacements in the
direction of shaking (one degree of freedom per node) to replicate 1-D results. The results from
the finite element analysis and SHAKE91 are plotted in Figure B-9 for elastic response using the
same parameters. A constant shear modulus and material damping ratio were used in both the
SHAKE9! and the FEA models. It can be seen from Figure B-9 that the agreement is quite good
along the entire time period considered. The maximum free-field accelerations for the FEA and
SHAKE®91 were both amplified to approximately 0.6g from 0.2g (bedrock input motion) and are
compared with bedrock accelerations in Figure B-10. The same FEA model was modified to
allow for three-dimensional response, and the free-field response is plotted against the one-
dimensional results in Figure B-11. The maximum free-field acceleration obtained from 3-D
analysis was only 0.35g (Figure B-11). The accelerations calculated from the 3-D analysis are
closer to those observed during actual seismic events. Hence, it was concluded that the 3-D
analysis resulted in realistic acceleration magnitudes, Therefore, all further models discussed

herein assumed full 3-D capability.



Numerical Study for Kinematic Interaction

The kinematic effects of piles in a homogeneous soil medium were evaluated by

comparing acceleration time histories and Fourier spectra of the pile head and the free field. The

same dynamic loading was applied in all cases (i. ., Loma Prieta data) to the underlying bedrock

for a homogeneous soil profile, Results from seven different pile-soil configurations were

obtained and are referred to in Figures B-12 through B-18. The following notation is used

throughout the graphs and literature to identify each test case (see Figure B-5 for soil and pile

parameters):

EFH - refers to the free-field response using linear isotropic visco-elastic constitutive
relations (Elastic, Free-field, Homogeneous).

PFH - refers to the free-field response using a perfect elastic-plastic soil model, Drucker-
Prager criteria (Plastic, Free-field, Homogeneous).

ESNFH - refers to the floating single pile head response using a linear isotropic visco-elastic
soil with no separation at the pile-soil interface, L/D = 15, E/E; = 1000 (Elastic Single pile,
No separation, Floating, Homogeneous)

ESNSH - refers to the socketed single pile head response using a linear isotropic visco-
elastic soil with no separation at the pile-soil interface, L/D = 20, E//E; = 1000 (Elastic,
Single pile, No separation, Socketed, Homogeneous).

ESSFH - same as ESNFH case, but allows for separation at the pile-soil interface (Elastic,
Single pile, Separation, Floating, Homogeneous).

PSSFH - refers to the floating single pile head response using a perfect plastic elastic soil
model with separation allowed at the pile-soil interface, L/D = 15, Ey/E;= 1000, ¢' = 34 kPa,

W = 16.5° (Plastic, Single pile, Separation, Floating, Homogeneous).
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» PSSSH - refers to the socketed single pile head response using a perfect plastic elastic soil
model with separation allowed at the pile-soil interface, L/D = 20, E,/E; = 1000, c¢' = 34 kPa,

W = 16.5° (Plastic, Single pile, Separation, Socketed, Homogeneous).

Results

Figure B-12a compares the free-field response for the elastic and plastic soil cases. The
difference between the two cases is not evident over the 20 second duration, but a more detailed
evaluation is presented in Figure B-15 for the 2 through 10 second interval. The acceleration
response 1s slightly amplified using a plastic soil model. This can be attributed to the limiting
ultimate effective stress and limiting shear strength. Figure B-12b compares the Fourier spectra
for elastic and plastic soil profiles against the input bedrock spectrum using a cut-off frequency
of 20 Hz. It is evident from the figure (Figure B-12b) that there is an amplification of the Fourier
amplitudes for the free-field response compared to the bedrock. There is a notable increase in
amplitude for the plastic soil model over the elastic soil model, suggesting that the reduction in
soil stiffness reduces the natural frequency of the homogeneous layer. The increase in
acceleration and amplitude may be attributed to the fact that the first natural frequency of the
elastic homogenous layer is slightly greater than 2 Hz, whereas the natural frequency of the
plastic soil layer is slightly decreased and became closer to the predominant frequency at the
free-field (approximately 1.5 Hz). For higher frequencies (Figure B-11b), the small amplitude
peaks seen at the bedrock level diminish as the seismic waves propagate throughout the soil until
they reach the free-field. Both the elastic and plastic free-field amplitudes diminish at
frequencies higher than 10 Hz, above which little response is induced in most structures,

Similar results for the floating and socketed pile head response are plotted in Figure B-13

and B-14. Figures B-13a and B-13b represent the corresponding acceleration and Fourier
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spectrum for ESNFH compared to EFH. Both diagrams are almost identical, except the Fourier
amplitudes are slightly greater for the floating pile (especially for a frequency above 5 Hz).
Figure B-14 shows the response of the ESNSH socketed pile case. Again, the overall
acceleration of the pile head is similar to that of the elastic free-field. The Fourier amplitudes of
the socketed pile (no separation) show both a decrease and an increase in magnitude over the
elastic free-field depending on the frequency range. At the predominant frequency amplitude (2
Hz), ESNSH seems to slightly decrease compared to EFH, and at frequencies above and below
the predominant frequency the amplitudes are increased. The increased stiffness of the system
due to the socketed pile may be responsible for the increased amplitude at higher frequency
ranges compared to that of the free-field.

Figure B-16 introduces the effects of separation between the pile and soil for the floating
pile case. Only the 2 through 10 second time interval is shown to provide a more detailed
analysis. The overall response is very similar for both cases shown in Figure B-16. The floating
pile with gapping seems to eliminate small fluctuations of acceleration seen when no gapping
was allowed.

Figure B-17 introduces th; effects of the soil plasticity in addition to separation for the
floating pile. PSSFH is compared with the elastic model (ESSFH), and the results are very
similar, The random scatter shown by introducing plasticity may be attributed to the solution
procedure used in the finite element program. For convergence reasons, smaller time steps had
to be used for the plastic soil model, which led to numerical instabilities. Figure B-18 compares
the floating and socketed pile head response including both separation and soil nonlinearity. The
floating pile showed slightly higher peaks over the socketed pile, but the response remained

almost identical.
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Kinematic Interaction in Pile Groups

Modelling the kinematic response of pile groups accounting rigorously for all the factors
that influence the response is a formidable task. Therefore, most of the investigations on the
seismic soil-pile interactions use linear analyses or simple idealized systemé.

Analyses of the kinematic response of a single pile and of pile groups have been reported
by Takemiya and Yamada [11], Flores-Berrones and Whitman [12], Gazetas [13] and Tazoh et
al. [14]. However, these studies had very limited parametric results. Ahmad and Mamoon [15]
and Fan et al. [16] attempted to fill this gap by providing comprehensive parametric studies for
the kinematic response of piles. The results of these two studies are summarized here.

Abmad and Mamoon [15] examined the response of single piles under vertically and
obliquely incident SH, SV and P harmonic waves using a hybrid boundary element formulation.
The piles were modelled using compressible beam-column elements and the soil was modelled
as a hysteretic visco-elastic halfspace. They found that the pile-soil stiffness ratio, angle of
incidence and the excitation frequency have significant influence on the seismic responses of
piles. The results from the limited cases considered in their study suggested that in the low
frequency range piles essentially follow the ground motion. This conclusion is similar to what
was observed from the analyses presented earlier in this Appendix. They also found that at
higher frequencies piles seem to remain relatively still, while the free-field soil mass moves
considerably. This filtering effect was found to be severe for a vertically incident wave,
gradually diminishing for a more obliquely incident one. Furthermore, they found that flexible
piles undergo significant bending under seismic excitation, whereas rigid piles tend to show

almost low, uniform rigid body motion. Obliquely incident waves produce higher displacement
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than a vertically incident one throughout the pile depth. In the low frequency range, vertically
incident waves produce higher rotations of the pile head; but in the higher frequency range the
opposite trend was observed.

Fan et al. [16] performed an extensive parametric study using the boundary element
solution proposed by Kaynia and Kausel [17] to develop dimensionless graphs for pile head
deflections versus the free-field response for various soil profiles subjected to vertically
propagating harmonic waves. Fan et al. [16] also used the approach developed by Makris and
Gazetas [18], in which free-field accelerations are applied to a one-dimensional Beam-on-
Dynamic-Winkler-Foundation model with frequency-dependent springs and dashpots to analyze
the résponsc of floating single piles and pile groups. Both approaches are essentially linear (or
equivalent linear) analyses.

Makris and Gazetas [18] studied the kinematic response of single piles, one-row pile
groups and as well as square groups of piles. They considered soil profiles with constant soil
modulus, linearly increasing soil modulus with depth, and two distinct constant values above and
below a depth z = L/2, Each pile-foundation-soil system was excited by vertically propagating
harmonic shear free-field waves.

The results of the analyses were portrayed in the form of kinematic displacement factors
(plotted versus dimensionless frequency, a; ) defined as the response of the pile cap normalized
by the free-field motion. The investigated parameters were: the ratio of the effective pile
modulus to the soil modulus, the piles spacing-to-diameter ratio and the pile's slenderness ratio.
Inspection of the results revealed the following trends:

1. The general shape of the kinematic displacement factor, 1,, consists of three fairly distinct

regions in the frequency range of greatest interest (ap < 0.5):
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* A low-frequency region (0 < ag < 0,1 - 0.3) in which 7, = 1, meaning the piles follow
closely the deformations of the ground.

e An intermediate-frequency region (0.1 - 0.2 < a9 < 0.3 - 0.4) characterized by I, declining
rapidly with frequency, which showed increasing incompatibility between the movement
of a pile and the surrounding soil.

e A relatively high-frequency region ap > 0.3-0.4 in which 7/, fluctuates around an
essentially constant value of about 0.2 - 0.4.

2. For the low and intermediate frequency regions, pile-soil-pile interaction effects on kinematic

loading are not significant, but they are significant for pile head loading (inertial interaction).

Summary and Conclusions — Kinematic Action

A 3-D finite element analysis was performed to investigate site effects and pile kinematic
interaction effects from seismic loading for a single pile. The analysis considered floating and
socketed piles, including nonlinear soil properties, slippage and gapping at the pile-soil interface,
and dissipation of energy through damping. Based on the results from the kinematic interaction
study, it was concluded that the pile head response (floating and socketed) closely resembled the

free-field response for the low predominant frequency seismic loading. Fan et al. [16] reached a



similar conclusion from their parametric study using a boundary element solution.
The following specific conclusions can be drawn:

» The effect of allowing a three-dimensional behavior as opposed to a one-dimensional
behavior, with seismic loading applied in one dimension, was to decrease the acceleration
amplitudes by a factor of 1.6 for the for the soil profiles considered.

= The effect of soil plasticity was to increase the Fourier amplitudes at the predominant
frequency but to slightly decrease the maximum acceleration amplitudes.

* The elastic kinematic interaction of single piles (both floating and socketed) has slightly
amplified the bedrock motion when compared to the free-field response and slightly
decreased the Fourier amplitudes of all frequencies considered (O through 20 Hz).

= Overall, the kinematic interaction response including soil plasticity, slippage and gapping at
the pile soil interface, and damping is equivalent to the free-field response. However, the
conclusions are limited to the pile and soil parameters, and to the earthquake loading used in
the analysis.

» For the frequency range of interest, pile-soil-pile interaction effects on kinematic loading are

not significant but are significant for pile head loading (inertial interaction).

INERTIAL LOADING AND DYNAMIC p-y CURVES

Introduction
Most building and bridge codes use factored static loads to account for the dynamic
effects of pile foundations. Although very low frequency vibrations may be accurately modelled

using factored loads, the introduction of nonlinearity, damping, and pile-soil interaction during
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transient loading may significantly alter the response. The typical frequency range of interest for
earthquake loading is O to 10 Hz. Therefore, the emphasis in the current study is on that range.

Novak et al. [19] developed a frequency-dependent pile-soil interaction model, however,
it assumes strictly linear or equivalent linear soil properties. Gazetas and Dobry [20] introduced
a simplified linear method to predict fixed—head pile response accounting for both material and
radiation damping and using available static stiffness (derived from finite element or any other
accepted method). This method is not suitable for the seismic response analysis because of the
linearity assumptions. In general, there is much controversy over advanced linear solutions
(frequency domain) as they do not account for permanent deformation or gapping at the pile-soil
interface.

Nogami et al. [2]1] developed a time domain analysis method for single piles and pile
groups by integrating plane strain solutions with a nonlinear zone around each pile using p-y
curves. El Naggar and Novak [22, 23] also developed a computationally efficient model for
evaluating the lateral response of piles and pile groups based on the Winkler hypothesis
accounting for nonlinearity using a hyperbolic stress-strain relationship, and slippage and
gapping at the pile-soil interface. The model also accounts for the propagation of waves away
from the pile and energy dissipation through both material and geometric damping.

The p-y curve (unit load transfer curve) approach is a widely accepted method for
predicting pile response under static loads because of its simplicity and practical accuracy. In the
present study, the model proposed by El Naggar and Novak [23] was modified to utilize existing
or developed cyclic or static p-y curves to represent the nonlinear behavior of the soil adjacent to
the pile. The model uses unit load transfer curves in the time domain to model nonlinearity, and

incorporates both material and radiation damping to generate dynamic p-y curves,
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Model Description

Pile Model

The pile is assumed to be vertical and flexible with circular cross-section. Non-
cylindrical piles are represented by cylindrical piles with equivalent radius to accommodate any
pier/pile configurations. The pile and the surrounding soil are subdivided into n segments, with
pile nodes corresponding to soil nodes at the same elevation. The standard bending stiffness
matrix of beam elements models the structural stiffness matrix for cach pile element. The pile
global stiffness matrix is then assembled from the element stiffness matrices and is condensed to

give horizontal translations at each layer and the rotational degree of freedom at the pile head.

Soil Model: Hyperbolic Stress-Strain Relationship

The soil is divided into n layers with different soil properties assigned to each layer
according to the soil profile considered. Within each layer, the soil medium is divided into two
annular regions as shown in Figure B-19. The first region is an inner zone adjacent to the pile
and accounts for the soil nonlinearity. The second region is the outer zone that allows for wave
propagation away from the pile and provides for the radiation damping in the soil medium. The
soil reactions and the pile-soil interface conditions are modeled separately on both sides of the

pile to account for slippage, gapping and state of stress as the load direction changes.

Inner field element. The inner field is modeled with a nonlinear spring to represent the
stiffness and a dashpot to simulate material (hysteretic) damping. The stiffness is calculated
assuming plane strain conditions; the inner field is a homogeneous isotropic visco-elastic,

massless medium; the pile is rigid and circular; there is no separation at the soil-pile interface;
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and displacements are small. Novak and Sheta [24] obtained the stiffness under these conditions

das:

- 87G,,(1-v)3— w)\(r, /1, + 1
(/R +(B-av P, /)P +1in(r, /r)-1 . BS)

k NL

where 1y is the pile radius, r is the outer radius of the inner zone, and v is the Poisson’s ratio of
the soil stratum, The ratio ri/rp depends on the extent of nonlinearity, which depends on the level
of loading, and on the pile’s size. A parametric study showed that ry/rp of 1.1 to 2 yielded good
agreement between the stiffness of the composite medium (inner zone and outer zone) and the
stiffness of a homogeneous medium (no inner zone) under small strain (linear) conditions, Gy, is
the modified shear modulus of the soil and is approximated, according to the strain level, by a
hyperbolic law as

..
G, = G"'”['IT:;] . (B-6)

Gax 1s the maximum shear modulus (small strain modulus) of the soil according to laboratory or
field tests. In the absence of actual measurements, maximum shear modulus for any soil layer

can be calculated in this model by using the equation of Hardin and Black [25]:

.97 - e)? _
o 323052: e) . ' B

where e = void ratio and o, (kN/m?) = the mean principal effective stress in the soil layer.
The parameter 1) =P/P, is the ratio of the horizontal soil reaction in the soil spring, P, to

the ultimate resistance of the soil element, P,. The ultimate resistance of the soil element is
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calculated using standard relations given by the American Petrolenm Institute [4]. For clay, the

ultimate resistance is given as a force per unit length of pile by
P, = 3c,d +yxd + Jc,x or (B-8)
P, =89c,d . (B-9)
where P, is the minimum of the resistances calculated by Eqs.B-8 and B-9, ¢, is the undrained
shear strength, d is the diameter of the pile, y is the effective unit weight of the soil, and J is an
empirical coefficient dependent on the shear strength. A value of J = 0.5 was used for soft clays
[26] and T = 1.5 for stiff clays [27].

The corresponding criteria for the ultimate lateral resistance of sands at shallow depths

Py, or at large depths Py, are [4]:

= K,Xtang sinp tanp
o A{yx[ tan(B—o)cosa tan(p—) " X ta""‘)]} (B-10)

+ AyX{K, X tanp(tan¢ sinp — tanc: ) - K,,d}

P,» = AyXd|K, (tan® B — 1)+ K, tang tan® B | . (B-11)
In the these equations, A is an empirical adjustment factor dependent on the depth from the soil
surface, K, is the earth pressure coefficient at rest, ¢ is the effective ffiction angle of the sand, B
= ¢/2 + 457, oo = ¢/2, and K; is the Rankine minimum active earth pressure coefficient defined as
K, = tan’(45°-0/2).

In the derivation of Eq. B-5, the inner field was assumed to be massless [24]. Therefore,

the mass of the inner field is lumped equally at two nodes on each side of the pile: node 1

adjacent to the pile and node 2 adjacent to the outer field, as shown in Fig. B-19.
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Far field element. The outer (far) field is modelled with a linear spring in parallel with a
dashpot to represent the linear stiffness and damping (mainly radiation damping). The outer
zone allows for the propagation of waves to infinity. The complex stiffness, K, of a unit length

of a cylinder embedded in a linear visco-elastic soil medium given by Novak et al [19]:

K =G, [S,:(a,,v,D)+iS,»(a,,v,D) : (B-12)

where a,= wr;/V; is the dimensionless frequency, m = the frequency of loading, V, = shear wave
velocity of the soil layer, and D = the material damping constant of the soil layer. Figure B-20
shows the general variations of Sy, and S,; with Poisson’s ratio and material damping. Rewriting
Eq. B-12, the complex stiffness, K, can be represented by a spring coefficient, ki, and a damping
coefficient, ¢, as:

K=k, +ia,c, . (B-13)

It can be noted from Figure B-20 that for the dimensionless frequency range between
0.05 and 1.5, S,; maintains a constant value and S,; increases linearly with a,. The predominant
frequency of destructive earthquake loading falls within this range. Therefore, for the purpose of
a time domain analysis, the spring and dashpot constants, Sy; and Sy, respectively, can be

considered frequency independent and to depend only on Poisson’s ratio. They are given as

ki = GmaxSui(v) and (B-14)
Cp = E""J“'—"M"'Su;_,(zat, =0.&v) . (B-15)
s

Soil-Pile Interface

The soil-pile interface is modeled separately on each side of the pile, thus allowing

gapping and slippage to occur on each side independently. The soil and pile nodes in each layer
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are connected using a no-tension spring. That is, the pile and soil will remain connected and will
have equal displacement for compressive stresses. The spring is disconnected if tensile stress is
detected in the soil spring to allow a gap to develop. This separation or gapping results in
permanent displacement of the soil node that is dependent on the magnitude of the load. The
development of such gaps is often observed in experiments, during offshore loading and after
earthquake excitation in clays. These gaps eventually fill in again over time until the next
episode of lateral dynamic loading. The pile-soil interface for sands does not allow for gap
formation, but instead the sand caves in resulting in the virtual back-filling of sand particles
around the pile during repeated dynamic loading. When the pile is unloaded, the sand on the
tension side of the pile follows the pile with zero stiffness instead of remaining permanently
displaced as in the clay model. In the unloading phase, the stiffness of the inner field spring is

assumed to be linear in both the clay and sand models.

Group Effect

Since each pile in a group is affected not only by its own load, but also by the load and
deflection of other piles in the group, the response of a pile group is greatly affected by the
interaction between piles. For piles subjected to earthquake loading, this effect is important
when considering the inertial loading, as has been pointed out by Fan et al. [16]. For this reason,
the group effect was also investigated in this study. As large displacements, pile-soil separation
and soil nonlinearity are expected to occur during earthquake events, the model developed by El

Naggar and Novak [23], which is capable of these factors was used in this study.
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Soil Model: p-y Curve Approach

The soil reaction to transient loading consists of stiffness and damping. The stiffness is
established using the p-y curve approach, and the damping is established from analytical
solutions that account for wave propagation. A similar approach was suggested by Nogami et al.
[21] using p-y curves.

Based on physical tests, p-y curves can be used to relate pile deflections to the
corresponding soil reaction at any depth (element) below the ground surface, The p-y curve
represents the total soil reaction to the pile motion (i.e. the inner and outer zones’ reactions
combined). The total stiffness, kpy, derived from the p-y curve is equivalent to the true stiffness
(real part of the complex stiffness) of the soil medium. Thus, referring to the hyperbolic law
model, the combined inner zone stiffness (kni) and outer zone stiffness (ki) can be replaced by a
unified equivalent stiffness zone (k,y) as shown in Figure B-21a. Hence, to ensure that the true
stiffness is the same for the two soil models, the flexibility of the two models is equated, i.e. ,

1 1 1

Y (B-16)
k Py kL kNL

The stiffness of the nonlinear strength is then calculated as

ko, Nk
iy, = oy NEL) i
(kp—kpy )

The constant of the linear elastic spring, k., is established from the plane strain solution (i.e. Eq.
B-14). The static soil stiffness, k,y represents the relationship between the static soil reaction, p,
and the pile deflection, y, for a given p-y curve at a specific load level. The p-y curves are
established using empirical equations [26, 28, 29] or curve fit to measured data using an accepted

method such as the modified Ramberg-Osgood model [30]. In the present study, internally
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generated static p-y curves are established based on commonly used empirical correlations for a

range of soil types,

Damping

The damping (imaginary part of the complex stiffness) is incorporated into both the p-y
approach and hyperbolic model to allc:w for energy dissipation throughout the soil. The
nonlinearity in the vicinity of the pile, however, drastically reduces the geometric damping in the
inner field. Therefore, both material and geometric (radiation) damping are modelled in the
outer field. A dashpot is connected in parallel to the far-field spring, and its constant is derived
from Eq. B-15. If the material damping in the inner zone is to be considered, a parallel dashpot
with a constant cyy to be suitably chosen may be added as shown in Figure B-21b. The addition
of the damping resistance to static resistance represented by the static unit load transfer (the p-y

curve) tends to increase the total resistance as shown in Figure B-22.

Static p-y curve generation for clay

The general procedure for computing p-y curves in clays both above and below the
groundwater table and corresponding parameters are recommended by Matlock [26] and
Bhushan et al. [27], respectively. The p-y relationship was based on the following equation:

n

i - = 0.5(—L] g (B-18)

Py Yso
where p = soil resistance, y = deflection corresponding to p, P,= ultimate soil resistance from
Egs. B-8 and B-9, n = a constant relating soil resistance to pier/pile deflection, and yso =
corrected deflection at one-half the ultimate soil reaction determined from laboratory tests. The
tangent stiffness constant, kpy, of any soil element at time step t+At is given by the slope of the
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tangent to the p-y curve at the specific load level as shown in Figure B-22. This slope is
established from the soil deflections at time steps t and t-At and the corresponding soil reactions

calculated from Eq. B-18, i.e.,

Pt — Pt_at
k = — ; (B-19)
py(t+Aat)
Yt = Vi-at
L}
Therefore, Eq. B-14 and Eq. B-19 can be substituted into Eq. B-17 to obtain the nonlinear
stiffness representing the inner field element in the analysis. Thus, the linear and nonlinear

qualities of the unit load transfer curves have been logically incorporated into the outer and inner

zones, respectively.

Static p-y curve generation for sand

Several methods have been used to experimentally obtain p-y curves for sandy soils.
Abendroth and Greimann [31] performed eleven scaled pile tests and used a modified Ramberg-
Osgood mode] to approximate the nonlinear soil resistance and displacement behavior for loose
and dense sand. The most commonly used criteria for development of p-y curves for sand were
proposed by Reese et al. [32] but tend to give very conservative results. Bhushan et al. [33] and
Bhushan and Askari [34] used a different procedure based on full-scale load test results to obtain
nonlinear p-y curves for saturated and unsaturated sand. A step-by-step procedure for
developing p-y curves in sands, based on Bhushan and Haley [35] and Bhushan et al. [33], was
used to estimate the static unit load transfer curves for different sands below and above the water
table. The procedure used to generate p-y curves for sand differs from that suggested for clays.
The secant modulus approach is used to approximate soil reactions at specified lateral

displacements. The soil resistance in the static p-y curve model can be calculated using the

following equation:
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p=(k)(x)y)F1)(F2) : (B-20)

where k is a constant that depends on the lateral deflection y (i.e. k decreases as y increases) and
relates the secant modulus of soil for a given value of y to depth (E; = kx), and x is the depth at
which the p-y curve is being generated. FI and F2 are density and groundwater (saturated or
unsaturated) factors, respectively, and can be determined from Meyer and Reese [36]. The main
factors affecting k are the relative density of the sand (loose or dense) and the level of lateral
displacement. The secant modulus decreases with increasing displacement and thus the
nonlinearity of the sand can be modeled accurately. This analysis assumes linear increase of the
soil modulus with depth (but varies nonlinearly with displacement at each depth), which is
typical for many sands.

Equation B-20 was used to establish the p-y curve at a given depth. The tangent stiffness
kpy (needed in the time domain analysis), which represents the tangent to the p-y curve at the
specific load level, was then calculated using Eq. B-19 based on calculated soil reactions from

the corresponding pile displacements for two consecutive time steps (using Eq. B-20).

Degradation of Soil Stiffness

Transient loading, especially cyclic loading, may result in a buildup of pore water
pressures and/or a change of the soil structure that causes the shear strain amplitudes of the soil
to increase with increasing number of cycles [37]. Idriss et al. [37] reported that the shear stress
amplitude decreased with increasing number of cycles for harmonically loaded clay and
saturated sand specimens under strain-controlled undrained conditions. These studies suggest

that repeated cyclic loading results in the degradation of the soil stiffness. For cohesive soils, the
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value of the shear modulus after N cycles, Gy, can be related to its value in the first cycle, Gpasx,
by

Gy = 0Gax (B-21)
where the degradation index, &, is given by § =N" and t is the degradation parameter defined by

Idriss et al. [37]). This is incorporated into the proposed model by updating the nonlinear

stiffness, kyi, by an appropriate factor in each loading cycle.

Time Domain Analysis and Equations of Motion

The time domain analysis was used in order to include all aspects of nonlinearity and
examine the transient response logically and realistically. The governing equation of motion is
given by:

[M¥e8-+ [CHu+ [Ku}={F(t)} | (B-22)
where [M], [C] and [K] are the global mass, damping and stiffness matrices, and {ﬁ, {13}, {u}
and F(t) are acceleration, velocity, displacement, and external load vectors, respectively.

Referring to Fig. B-19, the equations of motion at node 1 (adjacent to the inner field) and node 2

(adjacent to the outer field) are:
my + Cpyy (6 — o )+ Ky (uy —us) = Fy (B-23)

Mo — oy (& — b ) — ki (uy —uz)=Fp (B-24)
where u; and u, are displacements of nodes 1 and 2, and F) is the force in the nonlinear spring

including the confining pressure, and F> is the soil resistance at node 2. The equation of motion

for the outer field is written as:

c& + ku, =—F, (B-25)
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Assuming compatibility and equilibrium at the interface between the inner and outer zones leads

to the following equation, which is valid for both sides of the pile:

F, o Am, +B(c, +cy ) +ky, —ky —Bey, U, " F™ . (B6)
0 —ky, —Bey, ky, +Am, + B(c, +cy )+ k, | U, ;o

2

where F,"! and F,"' are the sums of inertia forces and soil reactions at nodes 1 and 2,

respectively. The values A and B are constants of numerical integration for inertia and damping.
The linear acceleration assumption was used and the Newmark B method was

implemented for direct time integration of the equations of motion. The modified Newton-

Raphson iteration scheme was used to solve the nonlinear equilibrium equations,

Verification of the Analytical Model

Verification of Clay Model

Different soil profiles were considered in the analysis. Figure B-23 shows the typical
pile-soil system and the soil profiles considered including linear and parabolic soil profiles. The
p-y model was first verified against the hyperbolic model [12]. Figures B-24 and B-25 compare
the dynamic soil reaction and pile head response for both the hyperbolic and p-y curve models
for a single reinforced concrete pile in soft clay. A pile 0.5m in diameter and 15m long was used
with an elastic modulus (E;) equal to 35 GPa. A parabolic soil profile with the ratio E,/E;=1000
at the pile base was assumed. The undrained shear strength of the clay was assumed to be 25
kPa. Figure B-24 shows the calculated dynamic soil reactions for a prescribed harmonic

displacement of an amplitude equal to 0.03d at a frequency of 2 Hz at the pile head. It can be
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noted from Figure B-24 that the soil reactions obtained trom the two models are very similar,
and approach stability after 5 cycles. The pattern shown in Figure B-24 is also similar to that
obtained by Nogami et al. [27], showing an increasing gap and stability after approximately 5
cycles. Figure B-25 shows the displacement-time history of the pile head installed in the same
soil profile. The load was applied at the pile head and was equal to approximately 10% of the
ultimate lateral loading capacity of the pile. The hyperbolic and p-y curve models show very
similar responses at the pile head, and both stabilize after approximately 5 cycles.

The dynamic soil reactions are, in general, larger than the static reactions because of the
contribution from damping. Employing the same definition used for static p-y curves, dynamic
p-y curves can be established to relate pile deflections to the corresponding dynamic soil reaction
at any depth below the ground surface. The proposed dynamic p-y curves are frequency
dependent. These dynamic p-y curves can be used in other static analyses that are based on the
p-y curve approach to account approximately for the dynamic effects on the soil reactions to
transient loading,.

Figures B-26 and B-27 show dynamic p-y curves established at two different clay depths
for a prescribed harmonic displacement at the pile head with an amplitude equal to 0.05d, for a
frequency range from 0-10 Hz. The shear modulus of the soil was assumed to increase
parabolically along the pile length. A concrete pile 12.5m in length and 0.5m in diameter was
considered in the analysis. The elastic modulus of the pile material was assumed to be 35 GPa
and the ratio E,/Es = 1000 (at the pile base). Both the p-y curve and hyperbolic models were
used to analyze the pile response. The dynamic soil reaction (normalized by the ultimate pile
capacity, Py,) obtained from the p-y curve model compared well with that obtained from the

hyperbolic relationship model. especially for lower frequencies, as can be noted from Figures B-
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26 and B-27. It can also be observed from Figures B-26 and B-27 that the soil reaction increased
as the frequency increased. This increase was more evident in the results obtained from the p-y

curve model.

Verification of Sand Model

The p-y curve and hyperbolic models were used to analyze the response of piles installed
in sand. The sand was assumed to be unsaturated and a linear soil modulus profile was adopted.
The same pile as was used in the previous case was considered. Figure B-28 shows the
calculated dynamic soil reactions at 1m depth for a prescribed harmonic displacement with an
amplitude equal to 0.0375d at the pile head with a frequency of 2 Hz. As can be noted from
Figure B-28, the two models feature very similar dynamic soil reactions. It should be noted that
the soil reactions at both sides of the pile are traced independently. The upper part of the curve
in Figure B-28 represents the reactions for the soil element adjacent to the right face of the pile
when it is loaded rightward. The lower part represents the reactions of the soil element adjacent
to the left face of the pile as it is loaded leftward. Both elements offer zero resistance to the pile
movement when tensile stresses are detected in the nonlinear soil spring during unloading of the
soil element on either side. However, the soil nodes remain lattached to the pile node at the same
level, allowing the sand to “cave in” and fill the gap. Observations from field and laboratory pile
testing have confirmed that, unlike clays, sands usually do not experience gapping during
harmonic loading, Thus both analyses model the physical behaviour of the soil realistically and
logically.

The pile head displacement-time histories obtained from the p-y curve and hyperbolic

models for a pile installed in a sand with linearly varying elastic modulus due to an applied
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harmonic load are shown in Figure B-29. It can be noted that good agreement exists between the
results from the p-y curve model and hyperbolic model.

Figures B-30 and B-31 show dynamic p-y curves established at two different depths for a
prescribed harmonic displacement equal to 0.05d at the pile head for a steel pile driven in sand
for a frequency range from O to 10 Hz. The results from both the p-y curve and hyperbolic

models displayed the same trend, as can be noted from Figures B-30 and B-31.

Validation of Dynamic Model with Lateral Statnamic Tests

In order to verify that the p-y curve model can accurately predict dynamic response, it
was employed to analyze a lateral Statnamic load test, and the computed response was compared
with measured values.

The test site was located north of the New River at the Kiwi maneuvers area of Camp
Johnson in Jacksonville, North Carolina. The soil profile is shown in Figure B-32, and consists
of medium dense sand extending to the water table, underlain by a very weak, gray silty clay,
There was a layer of gray sand at a depth of 7 m and a calcified sand stratum underlying that
layer. The pile tested at this site was a cast-in-place reinforced concrete shaft with steel casing
having an outer diameter of 0.61 m and a casing wall thickness of 13 mm. More details on the
soil and pile properties and the londing procedurc arc prescnted by Il Naggar [38]. Statnamic
testing was conducted on the pile two weeks after lateral static testing was performed. Statnamic
loading tests were performed by M. Janes and P. Bermingham, both of Berminghammer
Foundation Equipment, Hamilton, Ontario.

The computed lateral response of the pile head is compared with the measured response
in Figure B-33 for two separate tests with peak load amplitudes of 350 kN and 470 kN. The

agreement between the measured and computed values was excellent, especially for the first load
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test. The initial displacement was slightly adjusted for the computer-generated model to
accommodate initial gapping that occurred due to the previous static test performed on the pile.
The static p-y curve for the top soil layer was reduced significantly in order to model the loss of

resistance due to permanent gap developed near the surface.

Dynamic p-y Curve Generation

The dynamic p-y curves presented in Figures B-26 through B-28, B-30 and B-31 showed
that a typical family of curves exists related to depth, much like the static p-y curve relationships.
Thus, dynamic p-y curves could be established at any depth and be representative of the soil
resistance at this specific depth. In this study, they were obtained at a depth equal to 1.5 mm
which was found to illustrate the characteristics of the dynamic p-y curves.

More dynamic p-y curyves were generated using prescribed harmonic displacements
applied at the pile head that allowed for the development of plastic deformation in the soil along
the top quarter of the pile length. Steel pipe piles were considered in the analysis. It was
assumed that sand had a linear soil profile and the clay had a parabolic profile in order to match
the soil profile employed to derive the static p-y curves used in the analysis. The soil shear wave
velocity profiles and the pile properties are given in Figure B-34. The tests were divided into two
separate cases involving clays (Case I) and sandy soils (Case II). Table B-1 summarizes the
characteristics of each case and relevant pile and soil parameters. The dynamic p-y curves were
generated over a frequency range of 0 to 10 Hz (2 Hz intervals) for different classifications of
sand and clay based on standard laboratory and field measurements (SPT-value, relative density,

cy, etc.). All results were obtained after one or two cycles of harmonic loading.
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Results / Discussion

The results from the computational model showed a general trend of increasing soil
resistance with an increase in the load frequency. The dynamic p-y curves obtained seem to have
three distinct stages or regions. The initial stage (at small displacements) shows an increase in
the soil resistance (compared with the static p-y curve) that corresponds to increasing the velocity
of the pile to a maximum. This increase in the soil resistance is larger for higher frequencies. In
the second stage, the dynamic p-y curves have almost the same slope as the static p-y curve for
the same displacement. This stage occurs when velocity is fairly constant and conscquently the
damping contribution is also constant. The third stage of the dynamic p-y curve is characterized
by a slope approaching zero as plastic deformations start to occur (similar to the static p-y curve
at the same displacement). There is also a tendency for the dynamic curves to converge at higher
resistance levels approaching the ultimate lateral resistance of the soil at depth x, P, (determined
from the American Petroleum Institute [4].

The overall relationship between the dynamic soil resistance and loading frequency for
each test was established in the form of a generic equation. The equation was developed from

regression analysis relating the static p-y curve, frequency, and apparent velocity, my, so that:
awy 2
Pd = F"_.3 o+ ﬁaf + Ka, [—F] " P, £ P, atdepth x, (B-27)

where P; = dynamic value of "p" on the p-y curve at depth x (N/m), P, = corresponding static
soil reaction (obtained from the static p-y curve) at depth x (N/m), a, is dimensionless frequency
= or,/ V;, @ = frequency of loading (rad/s), d = pile diameter (m), y = lateral pile deflection at
depth x when soil and pile are in contact during loading (m), and o, B, x, and n are constants

determined from curve fitting Eq. B-27 to the computed dynamic p-y curves from all cases
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considered in this study, A summary of the best-fit values for the constants is provided in Table
B-2. The constant o is taken equal to unity to ensure that Py = P, for ® = 0. For large
frequencies or displacements, the maximum dynamic soil resistance is limited to the ultimate
static lateral resistance of the soil, P,.

Figures B-35 and B-36 show dynamic p-y curves established using Eq. B-27 and the best-
fit constants (as dashed lines). The approximate dynamic p-y curves established from Eq. B-27
represented soft/medium clays and loose/medium dense sands reasonably well. However, the
accuracy is less for stiffer soils (higher V. values). The precision of the fitted curves also
increases with frequency (@ = 4 Hz) where the dynamic effects are important. The low accuracy
at a lower frequency (a,< 0.02) may be attributed to the application of the plane strain
assumption in the dynamic analysis, This assumption is suitable for higher frequencies as the
dynamic stiffness of the outer field model vanishes for a, < 0.02 due to the assumption of plane
strain, Case C1 was also used to obtain dynamic p-y curves at depths of 1.0 m and 2.0 m to
examine the validity of Eq. B-27 to describe the dynamic soil reactions at other depths along the
soil profile. The results showed that Eq. B-27 (using the constants in Table B-2) predicted the

dynamic soil reactions reasonably well.

Development of a Simplified Model

For many structural dynamics programs, soil-structure interaction is modelled using static
p-y curves to represent the soil reactions along the pile length. However, the use of static p-y
curves for dynamic analysis does not include the effects of velocity-dependent damping forces.
The dynamic p-y curves established using Eq. B-27 and the parameters given in Table B-2 allow

for the generation of different dynamic p-y curves based on the frequency of loading and soil
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profile. Substituting dynamic p-y curves in place of traditional static p-y curves for analysis
should result in better estimates of the response of structures to dynamic loading.

Alternatively, the dynamic soil reactions can be represented using a simple spring and
dashpot model. This model can still capture the important characteristics of the nonlinear
dynamic soil reactions. A simplified dynamic model that can be easily implemented into any

general finite element program is proposed herein,

Complex Stiffness Model

As discussed previously, Eq. B-27 can be used directly to represent the dynamic
relationship between a soil reaction and a corresponding pile displacement. The total dynamic
soil reaction at any depth is represented by a nonlinear spring whose stiffness is frequency
dependent.

A more conventional and widely accepted method of calculating dynamic stiffness is
through the development of the complex stiffness. The complex stiffness has a real part K; and
an imaginary part Ky, 1. e.:

P, = Ky = (K, +iK,)y : (B-28)
The real part. K, represents the true stiffness, k, and the imaginary part of the complex stiffness,
K>, describes the out-of-phase component and represents the damping due to the energy
dissipation in the soil element. Because this damping component generally grows with
frequency (resembling viscous damping), it can also be defined in terms of the constant of
equivalent viscous damping (the dashpot constant) given by ¢ = K,/@. Then the dynamic p-y
curve relation can be described as

Fg = (k+ioc)y = ky + (o374 X (B-29)
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in which both & and ¢ are real and represent the spring and dashpot constants, respectively, and

W= dy/dt is velocity. Using Eq. B-27, the dynamic p-y curve can be written in the form of Eq.

B-28,i.e.,
( n\)
P, ﬁaoz + Kaa(l ]
. e
P, =(K;+iK,)y = +i y . (B-30)
y y
\ /
The stiffness and damping constants are then calculated as
P.o
k=K,=-2 and (B-31)
y
n
a
P.| pa? + Ka‘{ —y]
K, d
() wy

The complex stiffness can be generated at any depth along the pile using the static p-y curves and

Egs. B-31 and B-32,

Complex Stiffness Constants — Soft Clay Example

The complex stiffness constants were calculated for Test C1 (Table B-2) using the
method described in the previous section. The values of the true stiffness, k£, were obtained for
the range of displacements experienced by the pile for the frequency range from O tol0 Hz. The

stiffness parameter (S;),, was defined as

(S )py = =22 ; (B-33)

Gmax
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The constant of equivalent damping, ¢, was obtained by averaging the value from Eq. B-32 for
the range of velocities experienced by the pile for each frequency of loading. Then, the

equivalent damping parameter (S3),, was defined as

cV.w

(S2)py = (B-34)

Gmax'o

Figure B-37 shows the true stiffness calculated from the static p-y curve, and it can be
noted that this stiffness is identical at all loading frequencies considered. There is a definite
trend of decreasing stiffness with increased displacement due to the soil nonlinearity. The
constant of equivalent damping presented in Figure B-38 shows a decreasing pattern with
frequency that can be attributed to separation at the pile-soil interface. The values from Figsures
B-37 and B-38 can be directly input into a finite element program as spring and dashpot

constants to obtain the approximate dynamic stiffness of a soil profile similar to Test C1.

Implementing Dynamic p-y Curves in ANSYS

A pile and soil system similar to Test C1 was modelled using the ANSYS [1] to verify the
applicability z;nd accuracy of the dynamic p-y curve model in a standard structural analysis
program. A dynamic harmonic load with peak amplitude of 100 kN at a frequency of 6 Hz was
applied to the head of the same steel pipe pile used in Test C1. The soil stiffness was modelled
using three procedures: (1) static p-y curves; (2) dynamic p-y curves using Eq. B-27; and (3)
complex stiffness method using equivalent damping constants. The pile head response for each
test was obtained and compared to the results from the two-dimensional p-y curve model.

The pile was modelled using two-noded beam elements and was descretized into 10

elements that increased in length with depth. At each pile node, a spring or a spring and a

B-39



dashpot was attached to both sides of the pile to represent the appropriate loading condition at
the pile-soil interface. The pile and soil remained connected and had equal displacement for
compressive stresses. The spring or the spring and dashpot model disconnects if tensile stress is
detected in the soil, allowing a gap to develop.

The soil was first modelled using nonlinear springs with force displacement relationships
calculated directly from static p-y curves. The soil stiffness was then modelled using the
approximate dynamic p-y curve relationship calculated for Test C1 using Table B-2. The last
computational test considered a spring and a dashpot in parallel.

The pile head response for each computational test is shown in Figs. B-39 and B-40,
along with the calculated response from the 2-D analytical p-y model. Figure B-39a shows that
the static p-y curves model computed larger displacements with increasing amplitudes as the
number of cycles increased. Figure B-39b shows that the response computed using the dynamic
p-y curve model was in good agreement with the response computed using the 2-D analytical
model. The results obtained using the complex stiffness model are presented in Fig. B-40a and
show a decrease in displacement amplitude. The overdamped response can be attributed to using
an average damping constant, which overestimates the damping at higher frequencies and large
nonlinearity. Figure B-40b shows the response of the 2-D model compared to the complex
stiffness approach with the average damping constant reduced by 50%. The results show that the
response in this case is in good agreement with the response computed using the 2-D analytical

model.
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DYNAMIC p-MULTIPLIERS

One reasonable approach to account for pile-soil-pile interaction for piles in a group
would be to predict the loss in soil resistance relative to that of an isolated single pile. Poulos
and Davis [9] introduced the interaction factors concept to reduce the soil stiffness in the context
of linear elastic analysis. Focht and Koch [39] extended that linear elastic procedure to introduce
the nonlinearity of soil into the evaluation of group interaction factors by applying a y-multiplier
to "stretch" p-y curves. Cox et al. [40] described an alternate approach to account
approximately for the group effect, in which a "p-factor" would be used to "shrink" the p values
on the p-y curve rather than to stretch the y values.

The p-multiplier concept was formalized by Brown and his colleagues [41, 42]. This
concept states that lateral group action reduces the p-value on the p-y curve at every point on
every p-y curve for a given pile (based on its geometric position in the group) by the same
amount, regardless of pile deflection. In this manner, the p-multiplier provides a means for
expressing the elastic interaction that appears in the interaction factors plus an actual reduction in
ultimate soil resistance. The p-multiplier assumes a different value depending upon whether a
pile is in a leading position, in a trailing position and the angle between the line connecting the
twa piles and the load direction, 6. Using the p-multipliers would allow the analysis of the
lateral response of a pile group as an ensemble of individual piles. The soil resistance to the
movement of each of these individual piles would be represented by p-y curves with p values
reduced by properly chosen p-multipliers. I'or example, FLPIER (Appendix C) uses p-
multipliers as an option for considering lateral group action. The p-multipliers found in the

literature are given either by row (i.e. same p-multiplier value for all piles in the same row) or
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assuming different values for each pile. In the latter case, the total p-multiplier for any pile is
obtained by multiplying (rather than summing) the p-mulitpliers due to all the piles in the group.
The p-multipliers reported in the literature were developed from the analysis of static or
cyclic load tests on single piles and pile groups. These tests, however, do not represent the
dynamic loading conditions during an earthquake event. Therefore, it is necessary to check the
validity of the p-multiplier concept under dynamic loading conditions and develop, if possible, p-
multipliers from dynamic loading events. This was a major objective of the overall project. The
following section describes the results of an exploratory investigation into dynamic p-multipliers,
independent of the analysis of the load tests conducted explicitly for this project (Appendix D).
The approach suggested by El Naggar and Novak [23] to account for the group effect,
along with the analytical model described above for the analysis of a s.ingle pile's response, were
used to analyze the response of a single pile and groups of two piles to a prescribed harmonic
displacement at the pile heads. Thus, dynamic p-multipliers could be established by comparing
the soil resistance for a pile in a group of two piles to that of a single pile. At this point, a limited
parametric study was considered for piles in cohesionless soil with different densities (e.g. loose,
medium and dense sand profiles). The parameters whose influence on p-multipliers is
investigated in this study for a given pile and soil profile include:
e The ratio of the spacing between the two piles to the diameter of the piles, S/d.
* The pile head displacement ratio, y/d.
e The dimensionless frequency, ap.
s The angle between the line connecting the two piles and the load direction, 6.
To establish the p-multiplier, two loading cases were considered separately: a pile loaded

individually and a group of two identical piles. In both loading cases, a prescribed harmonic
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displacement with specified peak amplitude was applied at the pile head, the response was
analyzed and the force at the pile head was calculated. The p-multiplier was approximated by
the peak pile head force at one pile in the two-pile group divided by the peak force for the single
pile. The loading starts from zero and the forces are established after five loading cycles. The
response was found to stabilize almost completely after this number of cycles.

The p-multiplier was plotted versus the peak of the applied harmonic displacement, as a
ratio of the pile diameter. Figure B-41 shows the p-multipliers for piles installed in loose sand
(S4 in Table B-1), and 6 = 0°, It can be noted from Figure B-41 that the main factors that affect
the p-multipliers in this case are the spacing ratio, S/d, and the pile head displacement ratio, y/d.
The p-multiplier increased as S/d increased, meaning that the group effect decreased. The p-
multipliers also increased as the y/d increased. This means that during a dynamic loading event,
which is characterised by large pile head displacement, the pile-soil-pile interaction decreases
and the piles, tend to behave as individual piles. This may be attributed to the concentration of
soil deformations in the vicinity of the pile at higher displacements. Comparing the p-multipliers
in Figure B-41 obtained for different loading frequencies, it can be noted that the effect of the
frequency on the p-multipliers is small and that there is no clear trend for it.

Figures B-42 and B-43 show the p-multipliers for piles installed in medium dense and
dense sand, respectively. Similar observations can be made for both cases. The p-multipliers
increased as both S/d and y/d increased, and the effect of the frequency is negligible. However,
it must be emphasised that these observations are based on limited results. Further investigations
should be done before these observations can be asserted. Also, the behavior of piles in clay is

different and is currently under investigation.
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The p-multipliers shown in Figures B-42 and B-43 (and similar ones for other soil

profiles) could be curve fitted. The best curve-fit function would be in the form:
p-multiplier = f( S/d, y/d, ay, 6) (B-35)

This function can then be evaluated to yield the p-multiplier according to S/d, 8 values for each

two piles in the group, and the expected y/d and a,, for a specific event.

SUMMARY, CONCLUSIONS AND RECOMMENDATIONS FOR IMPROVEMENTS
Summary and Conclusions

A simple, two-dimensional analysis method was developed to model the response of piles
to dynamic loads. The model was formulated in the time domain and developed to model
transient nonlinear response of the pile-soil system efficiently. Static p-y curves were used to
generate the nonlinear soil stiffness in the context of a Winkler model. The piles were assumed
to be vertical and circular, although piles with other cross sections can be modelled by simply
computing an equivalent radius r, for the non-circular pile. The piles were modelled using
standard beam elements. A practically accurate and computationally efficient model was
developed to represent the soil reactions. This model accounted for soil nonlinearity, slippage
and gapping at the pile-soil interface, and viscous and material damping.

Dynamic soil reactions (dynamic p-y curves) were generated for a range of soil types and
harmonic loading with varying frequencies applied at the pile head. Closed-form solutions were
derived from regression analysis relating the static p-y curve, dimensionless frequency, and
apparent velocity of the soil particles. That model is summarized in Eq. B-27, which converts a
static p-y model into an approximate dynamic model by multiplying p values on the static p-y
curve (such as the API sand curve) by a factor that is dependent upon both frequency and lateral
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pile displacement relative to the pile diameter. Several curve-fitting parameters that were
necessary to write Eq. B-27 in closed form from the results of numerous numerical solutions are
given in Table B-2. Although the dynamic p-y curves are frequency dependent, they are
approximately frequency independent for frequencies above about 10 Hz (0 = 62.8 radians).
This model is included in FLPIER (Appendix C), although verification against full-scale or
centrifuge tests on piles using this relationship was not accomplished with FLPIER within the
time frame limitations of this project.

A simple spring and dashpot model] was also proposed whose constants were established
by splitting the dynamic p-y curves into real (stiffness) and imaginary (damping) components.
The model is summarized in Eq. B-29, in which a displacement-dependant soil stiffness k is
determined from Eq. B-31 and displacement and frequency dependent damping is determined
from Eq. B-32. This model appears to be most accurate for dimensionless frequencies (a, =
wry/Vs) > 0.02. This model is intended to be used in programs that employ equivalent linear
analyses for harmonic loading at the pile head.

The proposed dynamic p-y curves and the spring and dashpot model were incorporated
into a commercial finite element program (ANSYS) that was used to compute the response of a
laterally loaded pile. The computed responses compared well with the predictions of the two-
dimensional analysis.

The group effect (lateral pile-soil-pile interaction through the soil) was considered in the
analysis, and a procedure for the development of dynamic p-multipliers for sand profiles was
proposed. Like the p-y curves, the p-multipliers are frequency dependent, although, based on
limited evidence given here (Figures B-41 through B-43), the p-multipliers for loose through

dense sand can be treated in design practice as frequency independent in the frequency range a, =
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or/Vi = 0.02 to 0.12, especially for pile-head displacements, y, equal to or greater than 0.2 d,
where d is the pile diameter (or equivalent diameter for non-circular piles). Such displacements
are typical of those for which solutions are needed for extreme event loading.

For relatively low frequencies, the predominant frequency of the earthquake motion
being modelled can be used to compute the values on the p-y curves, However, for cases where
inertial behavior is stronger than kinematic behavior (the piles are driven by inertial
superstructure feedback rather than the kinematic motion of the surrounding soil), the natural
frequency of the structure being modelled may be the controlling predominant frequency ® to be
used in evaluating the dynamic p-y curves and p-multipliers. Selection of a value for @ must
therefore be done carefully by the user of the model (Eqgs. B-27, B-29, B-30 and B-32). If the
user decides that the primary frequency at the pile head will be 10 Hz or greater, the p-y model
can be evaluated by setting ® = 62.8 radians per second in the expression for a, and the curve
can be treated as frequency independent.

The dynamic p-y curves and the dynamic p-multipliers can then be used to model the
dynamic lateral behavior of pile groups approximately, either in FLPIER or other software that
uses p-y models for the soil.

Recommendations for Further Development

The dynamic p-multipliers have been developed exclusively for sand profiles (in which
strength and stiffness increase with depth). Time and resources did not permit a corresponding
development for clay profiles. Further development of the model should include the
development of p-multipliers for clay profiles (uniform strength stiffness with depth) and for
mixed soil profiles, The models should also be used directly in FLPIER (Appendix C) to ensure

that it is performing properly in the context of that computer code.
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Table B-1. Description of parameters used for each test case.

SOIL TYPE Ca v d Lid  EJ/E; G Vs
CASE I (kPa) (m) (kPa) (m/s)
(clays)
Cl SOFT CLAY <50 045 025 40 10000 6.6e6 70

Ci MEDIUM CLAY 80 045 025 40 4500 1.6e7 150

3 STIFF CLAY >100 045 025 40 1600 83e7 200

CASE Il SOIL TYPE D [ Y d L/d ByE. Guu Vs
(sands) (%) (m) (kPa) (m/s)
S4 LOOSE SAND 395 32 03 02% 40 6300 1227 70

(saturated)

S5 MEDIUM SAND 50 34 03 025 40 3800 2.0e7 100
(saturated)

S6 MEDIUM SAND 50 34 03 050 20 3800 20e7 100

(saturated)

S8 DENSE SAND 90 38 03 025 40 1580 4.7¢7 150
(saturated)

S9 DENSE SAND 90 38 03 025 40 790 9.7¢7 220
(unsaturated)

**Note: all values represent those calculated at a depth of 1.5m.
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Table B-2. Dynamic p-y curve parameter constants for a range of soil types
(d =0.25, L/d =40, 0.015 < a, = try/V;<0.225).

n
P, =P, a+ pa,’ + K‘&o(%y—]

SOIL TYPE DESCRIPTION o B K n
a,<0.025 a,> 0,025
SOFT CLAY C,< 50 kPa 1 -180 -200 80 0.18
Vs < 125 m/s
MEDIUM CLAY 50 < C, < 100 kPa 1 -120 -360 8 0.19
125 < Vi< 175 m/s
STIFF CLAY Cy> 100 kPa 1 -2900 -828 100 0.19
Ve>175 m/s
MEDIUM DENSE 50<D. <85 % 1 3320 1640 -100 0,1
SAND 125 <V <175 m/s
(saturated)
MEDIUM DENSE 50 <D, < 85 % 1 1960 960 20 0.1
SAND (unsaturated) 125 < V< 175 m/s
DENSE SAND D:>85% 1 6000 1876 -100 0.15
(saturated) V> 175 m/s
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Figure B-1. Definifion of the problem and terminology (actual acceleration, U,
acceleration due to kinematic interaction only, U, bedrock acceleration, U, and

Jfree-field acceleration, Ug)
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Figure B-2. (a) Detail of wedge shaped pile elements surrounded by
soil elements (plan view), (b) Isometric view of soil and pile mesh model
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Figure B-3. Finite element mesh (Mesh No.3) showing boundary conditions:
(a) plan view, (b) front cross section view with geostatic pressure distribution.
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Soil Surface c
Pile Node —
(a) - 8 noded Block (b) - Snoded Contact (¢) - 2 noded Boundary
element, DOF: X, Y, Z element, DOF: X, Y, Z element, DOF: X, Y, Z

Figure B-4. (a) Block element used for soil and pile, (b) Surface Contact element used
between pile and soil to allow for slippage and separation, (c) Transmitting Boundary
element consisting of "spring(K)" and "dashpot(C)" to allow for radiating boundaries.
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PILE CONFIGURATIONS SOIL PROFILES
| 9]

(E¢ X 1000 kN/m?)
20 20

" E " E;

FLOATING PILE SOCKETED PILE HOMOGENEOUS LAYERED
Li=75m Ly=10m

D=5m
Es= Soil Young's Modulus Ep= Pile Young's Modulus = 2*10'kPa
8 = Horizontal deflection ps = Soil submerged unit weight = 11.8 kN/m*
P = Horizontal load pp = Pile mass density = 2.3 Mg/m®

\/s = shear wave velocity = 60-120 m/s vs= Soil Poisson's ratio = 0.45
c' =34 kPa, ¢ =¥ = 16.5° (Plasticity)  vp= Pile Poisson's ratio = 0.30

Figure B-5. Two-dimensional representation of floating and socketed pile in either
homogeneous (used for verification) or layered soil profile
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Figure B-6. Fourier amplitude spectrum for earthquake loading at the bedrock
level
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STIFFNESS AND DAMPING PARAMETERS
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Figure B-20. Envelope of variations of horizontal stiffness and damping stiffness
parameters for v=0.25 - 0.40. (after Novak et al., 1978)
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Figure B-25. Pile head response under applied harmonic load with amplitude
equal to 10% of the ultimate load (L/d=30, E ,/E . (L)=1000, linear profile)
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Figure B-26. Calculated dynamic p-y curves at 1.5 m depth (for a prescribed
harmonic displacement at pile head with amplitude equal to 0.05d) using: (a)
hyperbolic model, (b) p-y curve model
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Figure B-27.Calculated dynamic p-y curves at 3.0 m depth (for a prescribed
harmonic displacement at pile head with amplitude equal to 0.05d) using: (a)
hyperbolic model, ( b) p-y curve model
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Figure B-30. Calculated dynamic p-y curves at 3.0 m depth (for a prescribed
harmonic displacement at pile head with amplitude equal to 0.05d) using: (a)
hyperbolic model, (b) p-y curve model
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Figure B-31. Calculated dynamic p-y curves at 4.0 m depth (for a prescribed
harmonic displacement at pile head with amplitude equal to 0.05d) using:
(a) hyperbolic model, (b) p-y curve model
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Figure B-43. P-mulltipliers versus pile head displacement for dense sand
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APPENDIX C

DYNAMIC MODEL FOR LATERALLY LOADED PILE GROUPS --

COMPUTATIONAL MODEL (FLPIER)

INTRODUCTION

Appendix C provides a comprehensive explanation of the material models and
computational procedures used in the "Florida Pier" (FLPIER) computer program, as modified to
consider dynamic ioading. Considerable attention is given to modelling pile, pile cap and
structural elements, especially their nonlinear behavior, in addition to modelling of the soil. A
thorough knowledge of the models and computational procedures used in FLPIER is desirable
for those who will apply FLPIER to design laterally loaded pile groups subjected to extreme event
loading.
Background

Extensive research efforts have been directed to the nonlinear response of structures
subjected to extreme load events. These extreme load events could be an earthquake or hurricane
for a building, a ship impact for a bridge, or the effects of waves and wind action for offshore oil
platforms. Traditionally, large factors of safety have been used in such cases, resulting in over-
conservative design and cost ineffectiveness. On the other hand, an unsafe design could result in
catastrophic human and economic losses. Because a more sophisticated nonlinear dynamic
analysis is computationally expensive, these structures are designed using factored static loads to
account for the dynamic effects. This procedure is acceptable for very low frequency vibrations,
however the introduction of non-linearity, damping, and pile-soil interaction during transient

loading may significantly alter the response (e. g., Appendix B).
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Because in recent years computers have become much faster and cheaper, it has become
possible to consider, and consequently to study, the dynamic nonlinear behavior of structures
considering many factors neglected in the past. In this report, the computer program Florida Pier
[1], which will be referred to simply as FLPIER from now on, has been modified to allow the
nonlinear dynamic analysis of bridge piers. FLPIER is a computer prograni based on the Finite
Element Method developed by Hoit, McVay, and Hays at the University of Florida for the
nonlinear static analysis of bridge piers. Nonlinear aspects of structural analysis, such as material
and geometric non-linearity, as well as structure-soil interaction can be incorporated into the
analysis leading to more accurate results. It can model all the components of a bridge pier and its
foundation, such as pier, pier cap, piles cap, piles, and soil, as shown in Figure C-1. The pier, pier
cap, and piles can be represented using discrete elements that can incorporate the effects of
material and geometric nonlinear behavior. More details about the discrete element are found in
later in this appendix. The pile cap is modeled as linear 9-node shell elements. The lateral soil
resistance is modeled with nonlinear p-y springs, while the axial resistance is modeled with
nonlinear t-z springs.

FLPIER is now used by many DOTSs throughout the United States because of its reliability
and ease of use. Unlike general-purpose finite element programs, like ADINA and SAP, where
modelling and analyzing can be time consuming, in FLPIER it is easy and fast for the user to
perform these tasks thanks to a user-friendly interface for model generation. The modification of
soil or structure parameters in the model is not difficult. The results can also be seen through a
graphic interface that is currently being updated. In the modified dynamics version, resulting from
this NCHRP research, speed and ease were maintained, allowing the user to easily perform the

nonlinear dynamic analysis and modify parameters in the soil or structure if necessary. Although



the program is more suitable for the analysis of bridge piers, other types of structures can also be
modeled

The new additions to FLPIER are a new concrete model and dynamic solution techniques.
Literature Review and Adaptation of Material Models to FLPIER
Meodelling of Structural Materials

Over the last years different analytical models have been proposed for the analysis of
reinforced concrete structures. Models for these types of structures, which are under primarily

flexural and axial loads, can be classified as:

(1) Simple or lumped models.
(11) Discrete models.

(1) Fiber models.

(tv) Finite clement models.

Single-degree-of-freedom (SDOF) models belong to the first class of analytical models. In
this class of models it is assumed that the structure’s response to an extreme event such as an
earthquake is dominated by its first natural frequency, allowing the system to be represented as a
SDOF system with lumped mass and stiffness [2, 3, 4, 5] A more general representation for
multi-degree-of freedom systems (MDOF) is derived using the concept of shear building. In this
model the stiffness of each story is represented by nonlinear springs, and the beams are considered
to be infinitely nigid. Despite its simplicity and satisfactory performance in predicting the
maximum response, this class of models does not provide enough data for more detailed seismic
analysis. Furthermore for more complicated frames the assumption that the beams are infinitely

rigid may not be correct.
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In the second class of analytical models, the discrete models, there is a correspondence
between the analytical model and the actual structure. In such models, a linear elastic element and
a nonlinear spring represent the structural elements. The most common case is that of a nonlinear
spring attached to both ends of a linear beam element. Atalay [6], Clough [7], Nakata et al. [8],
Park et al. [9], and Takeda et al. [10], among others, have extensively used this class of models to
analyze the behavior of reinforced concrete structures. In these models a set of predefined rules
defines the hysteretic behavior of the nonlinear springs. These rules are usually obtained from
laboratory experiments with real scale specimens. It is mainly the difference between these rules
that distinguishes the models. Although these models give satisfactory results, its main
disadvantage is the fact that the nonlinear spring’s rules are based on experiments that may not
correspond to the actual structural member, or type of loading, that they are representing.

The fiber models have been used in the study of reinforced concrete [11, 12, 13, 14, 15]
and steel members [16, 17]. These models are based on the finite element approach, and are
better suited for members and structures under complex loading histories. In these models the
cross-section is divided into segments. Each segment can then be divided in one or more fibers,
Each fiber is assumed to obey a uniaxial stress-strain relationship. From the integration of the
stresses of each fiber over the cross section, the element forces can be calculated, and from the
evaluation of the stiffness of each fiber the overall element stiffness can be obtained. Once the
element forces and stiffness are obtained the analysis is carried out using standard finite element
method procedures. Therefore, only the stress-strain relationships for concrete and reinforcing
steel in the case of reinforced concrete sections, or steel, in the case of steel sections, are
necessary to describe the properties of each section of the element. This makes these models very

effective under complex loads (e. g., axial load plus bending). The main difference among all the
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fiber models are the rules adopted for the uniaxial behavior of the different materials that make the
cross-section. In the case of most civil engineering structures, these are steel and concrete, but
other materials can also be used if the stress-strain relationships are known.

In the specific case of concrete the model’s backbone is the envelope curve obtained from
a monotonic test. This curve limits the concrete stresses in any loading phase. In some models the
compression envelope curve for concrete is represented by the well-known Hognestad parabola
[11, 13]. Another approach is to use multilinear curves to define concrete behavior in
compression [14, 15]. In the case of dynamic analysis, the unloading and reloading rules are
particular for each author. Ala Saadeghvaziri [11] and Zeris and Mahin [14, 15], unloading under
compressive stress has a slope equal to the initial Young’s modulus of the material. However,
Hajjar et al. [12] and Park et al. [13] have more complicated expressions for the unloading curve.
The reloading curves are very specific for each model, and the reader is referred to the preceding
references for more information. The tension strength of concrete can be neglected [14, 15] or
assumed to be equal to the measured concrete tensile strength [11, 13], in which case the slope of
the reloading curve is assumed to be equal to the initial slope of the compression side. The
unloading and reloading criteria are again specific for each model, and the reader is referred to the
above references for more information. Confinement, strain-rate, and stiffness degradation effects
are also particular for each model.

In the case of steel, no distinction is made between steel sections and reinforcement steel.
The rules are valid for both cases. For the stress-strain curves, the Baushinger’s effect can be
considered [13, 16], or ignored, in which case a bilinear or tri-linear relationship (elastoplastic

with kinematic or isotropic hardening) is used [11, 14, 15, 17].
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The major disadvantage of these models is that they are computationally very expensive,
but with the recent advances in computer technology, this class of models has become more
popular because of its versatility. This is the analytical model for structural materials used in this
work. FLPIER already incorporates a nonlinear discrete element, which uses fiber modeling at
two points along the element’s length to characterize its nonlinear behavior. New stress-strain
curves were introduced to allow the nonlinear discrete element to perform dynamic analysis.

The last class of analytical methods is the finite element method. In this class of methods
different elements are used to represent the structural members, such as truss members to
represent the reinforcing steel, and plane stress elements to represent the concrete. The cracking
typical of concrete represents a computational difficulty for these models, requiring the
development of more sophisticated elements. The development of such elements is a challenge
based on complex elasticity and plasticity theories. Like fiber modeling, this class of methods is

computationally expensive and time consuming.

Limitations

1t 1s very difficult for a model to incorporate all the aspects inherent to nonlinear dynamic
analysis, and the model presented here is no exception. The first limitation is the fact that all the
théory developed for nonlinear dynamic analysis is based on small displacement theory. The
second limitation comes from the fact that the effect of shear deformation is not included in the
constitutive models. It was also not included in the original derivation (Hoit et al, 1996).

Problems of local buckling are also outside the scope of this work.



Hysteresis Models

A static analysis considers only the case in which the element is subjected to monotonic
loading. For dynamic analysis a structural element will usually be subjected to two additional
phases: unloading and reloading. It is important to notice that even for nonlinear static analysis
these two new phases could be present due to a nonlinear redistribution of forces on the structure
that could cause some elements to be over-loaded and others to be under-loaded. The
relationship that is used to describe this behavior is called hysteresis. For any inelastic analysis, the
proper selection of hysteretic models for the materials is one of the critical factors in successfully
predicting the dynamic response under strong motion. Several models have been proposed in the
past for reproducing various aspects of reinforced concrete behavior under inelastic loading
reversals (Figure C-2). In order to closely reproduce the hysteretic behavior of various
components, a highly versatile model is required in which several significant aspects of hysteretic
loops can be included, i. e., stiffness degradation, strength deterioration, pinching behavior and
the variability of hysteresis loop areas at different deformation levels under repeated loading
reversals. However, the model should also be as simple as possible since a large number of
inelastic springs are necessary in modeling the entire structure, and additional parameters to
describe a complicated hysteresis loop shape may sometimes require an excessive amount of
information.

Some of the existing popular models [6, 7, 8, 9, 10, 19, 20, 21, 22, 23, 24, 25, 26, 27] are
shown in Figure C-2. It appears that most of the available models are aimed at a particular type of
structural component, such as beams, columns or shear walls only, and therefore, fall short of the
versatility required for modeling structures having a large number of different components. Most

of these models were obtained by performing curve fits to experimental data. This approach

C-7



results in really good approximations for the behavior of the specific member being studied, but
lacks versatility when applied to a real structure.

The advantage of using the discrete element with fiber modeling is that the element's
general behavior will be governed by its material properties, instead of experimental observations,
making this procedure useful for representing multiple cross-section configurations under more

general load histories,

Material Models

Rather than trying to develop a new element that would model hysteretic behavior using
elasticity and plasticity theories, the discrete element used in FLPIER was modified to develop
such behavior. Based on various studies and experiments [13, 18, 28, 29, 31, 32, 33, 34, 35, 36,
37, 38, 39, 40] relating to the uniaxial cyclic behavior of concrete and steel, and the behavior of
R/C members, the stress-strain curves of these materials were modified for dynamic analysis.
Shear deformations were not included because they were not included in the references cited.
Moreover, they were also not included in the formulation of the discrete element model in order
to overcome numerical difficulties found in the various hysteresis models. Although
computationally more expensive, the fiber modeling approach with uniaxial hysteresis gave the
modified discrete element the versatility not found in many models. A description of these

modified uniaxial curves follows next.

Uniaxial Mild Steel Model. Because the cyclic behavior of steel is very dependent on the
process which it was produced, it was decided that rather than trying to predict steel behavior
based on exponential curves [31, 41], a bilinear representation would be specified for the steel

behavior. This represents a safe lower bound solution that is adequate for most construction steel.
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Mild steel reinforcement is assumed to be perfectly elastic-plastic (no hardening) and similar in
both tension and compression, as shown in Figure C-3. The parameters needed for the mild steel
bilinear model are the modulus of elasticity E, and yield stress f;, The rules for this model are as

follows (Figure C-3):
Loading is represented by segment a-b, the tangent stiffness is the initial modulus of

elasticity for steel £, and the stressis givenby o = E_.¢.

Yielding: If € > Ey yielding occurs and is represented by segment #-c. The tangent
stiffness £, is equal to O and the stress 0 = f,, , the yield stress for steel. The residual strain £, is
givenby & = £— &,

Unloading is represented by segment c-d, the tangent stiffness is £, and the stress is given
byo =(s—¢€,).Es.

Reloading is represented by segment e-f, the tangent stiffness is £ and the stress is given
byo=(c-¢,).Es.

For any of these phases the secant stiffness £, is given by

E, =

O
2 (C-1)
£

Uniaxial Monotonic Concrete Model Used in FLPIER. . The concrete model used in
FLPIER is generated from the values of the concrete strength f. and modulus of elasticity of
concrete E., input by the user. The compression portion of the curve, which is is based on the
work of Wang and Reese [42], is highly non-linear and has a maximum compressive stress f. .

which is related to but not always equal to the compressive strength of a standard test cylinder, f..
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Based on experimental research, f.  is taken to be 85% of f., the maximum cylinder compression

stress.

The tension side of the curve is based on the tension-stiffening model proposed by
Mitchell [43]. This procedure assumes an average tensile stress-strain curve for concrete. The
stress strain relation of concrete in tension is very nearly linear, with cracking occurring at a small
rupture stress ;. The high local stresses actually experienced at tensile cracks in the concrete are
not reproduced by the model. However the average response over a finite length of beam will be
adequately represented.

Based on user input the program will generate the concrete curve as a series of points
connected by straight lines as shown in Figure C-4. Values between the points are obtained by
linear interpolation of the extreme points in the interval. For values of f°;. = 6 ksi and E. = 4615
ksi, the strain and stress values for the concrete stress-strain curve generated by the program can

be seen in Figures C-5 and C-6, respectively.

Models for the Uniaxial Inelastic Cyclic Behavior of Concrete. Two concrete models are
implemented in FLPIER. One, called the rational model, is based on the work of Sinha et al. [32],
the other is a bilinear model, similar to the mild steel model presented earlier. These two models

are discussed in more details next.

Rational Model. Figure C-4 shows the default envelope of the stress-strain curve
supplied by the program, which is a function of f'.and E_ input by the user. This curve is the
backbone of the model, because it limits the value of the stress in concrete during all phases in the
analysis. The compression portion of the concrete curve is highly nonlinear and is defined by the

Hognstead parabola up to a stress equal to 0.85f .. Beyond this point, a straight line is adopted,
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connecting this maximum to another point with residual stress of 0.20f", and strain equal to 4 &,
as shown in the Figure C-7. For strains greater than 4 g,, the stress is kept at a constant value of
0.20f". (residual stress), as suggested by Chen [28]. For the tension portion, the curve is assumed

to be linear up to a stress of f, and then has a tension-softening branch as shown in Figure C-7.

The tension-softening branch attempts to account for the uncracked sections between cracks

where the concrete still carries some stress. The value of f, is based on the fixed value of &

shown in the figure, and the modulus of elasticity £ input by the user. For English units (psi),
this will give a value of f, = 7.5,/ f'. . The rules for the rational model are described next.

A. Loading in Compression

Compression follows the curve described above. The equations that define this phase are:

When £<g, concrete follows the Hongnestead parabola defined by

2
= 2f§[—£—] - f;(i) (C-2)
¢o o

The tangent modulus of elasticity is defined as follows:

If £<g, then
E.=E,; (C-3)

If £>¢. then

E, =2l [1 z 8) (C-4)
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This correction was necessary because the derivative of the Hongnestead parabola gives
very high values of the tangent modulus for low values of the compressive strain & which caused
instabilities in the model. Based on research [28, 29] it was found that at about 30% of /¢ it is
reasonable to assume that concrete still have the initial tangent modulus, E.;.

When the strain £> &, the concrete enters a phase called softening. In this research this
phase is defined as follows:

Ifg,<£<4 g, then

f =7 (—%J(S —£5) and (C-5)
45:1 ~—&p
-0.8f"
s (C-6)
: (4e, —&,)
Ife>4¢,
f=0.20f, and (C-7)
E.=0 (C-8)
B. Loading in Tension

Tension is also represented by the envelope curve described earlier. The following
equations define loading in tension:

Hesg

f=E¢ and (C-9)
E;.=E (C-10)

If & < < gyrthen
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f=f + (—oi—J(s - &) and (C-11)

Er — Sstf
E; = ol (C-12)
Er — Estr
If &< £<e,then
£ [ﬂfr—}(g NIRRT c13)
Estr — Cut
E; = (_gs_f,__J (C-14)
Estf — Eut
Finally if £> g4 then
f=0 and (C-15)
E -0 (C-16)

C. Unloading

The expressions for unloading in compression and tension are based on the work of Sinha
et al. [32] defined for different concrete mixes. Due to the lack of exhaustive experimental data, it
is assumed that for stronger concrete (f’. > 4 ksi), the response will be that of 4 ksi concrete. If
new experiments are performed for stronger concrete these changes can be easily incorporated
into the program. The family of unloading curves is represented by second order curves. From

experiments for various concrete strengths a good fit was obtained with the formula:

0'+H:‘;’—(-(8—X)2 . (€C-17)
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where H and J are experimental constants whose values for the three mixes used [32] are given in
Table C-1. For stress in units of ksi and strains in units of in./in., X is a particular parameter,
different values of which represent different members of the family. To determine the value of the

parameter X, for a curve passing though a certain point in the stress-strain plane o, & :

2
X*—‘&', +—?-—!2-3—H— (51+61+H) _812 (C-IS)

The tangent modulus E. for unloading is taken as the slope for two consecutive points in

the unloading curve:

E, = (C-19)

There are two choices for the case in which unloading in compression crosses the strain
axis. The first option assumes that a gap is formed in compression, and concrete will totally
unload until reloaded in tension. The second option assumes that no gap is formed, and concrete
will go straight into the tension reloading phase from compression. When unloading from tension

a gap is always formed, and concrete will not go into compression until the gap is closed.

D. Reloading
The reloading curves in either compression or tension are represented by a family of

converging straight lines; accordingly, Eq. C-20 was chosen.
oc+K=Y(e+L) ; (C-20)

in which K and L are experimental constants, and ¥, is a parameter. The value of ¥ can be found,

in a manner similar to the way in which the value of X’ was obtained in the previous section. By
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substituting the coordinates o,,& of a known point on the reloading curve, and solving for ¥,

which is also taken as the tangent modulus, ., one obtains:

_O'1+K
€1+L

Y (C-21)

When concrete goes into tension, if it goes back to compression it will reload only when

the gap resulting form the previous cycle is closed. The process can be visualized in Figure C-8.

Bilinear Model 1In another study, Agrawal et al. [31] claimed that the response of
under-reinforced concrete beams is governed by the steel. It was therefore proposed to use a
simplification of the concrete model to simplify the analysis of doubly reinforced concrete beams.
Idealized elastic plastic curves were drawn with a yield stress equal to the nominal strength fc
value for concrele, and an elastic modulus equal to the average stiffhess of the initial portion of
the actual stress-strain curve as shown in Figure C-9. Also, the tensile strength of concrete is
neglected in this model. In FLPIER the stress-strain curve for concrete is based on 13 points as

shown in Figure C-4. Referring to Figure C-4, the value of the average elastic modulus is taken as

_ol(5) i
E.= =(5) . (C-22)

and the value of the yielding strain ¢, is taken as

o(2)
— " C"
E.V Ec (C-23)
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Strain Rate Effect . The strength of reinforced concrete sections is very dependent
on the strain rate [44], and degree of confinement of the section [36, 45]. At a high strain rate,
both the modulus of elasticity and the strength of concrete increase. The increase in strength can
be as much as 17 % for a strain rate of 0.01/sec [29]. It is very difficult to test structural members
under such conditions. So before using the results from static tests, it is important to consider the
effect of strain rate in dynamic analysis. Important findings about the strain rate effects on

reinfoced concrete members are summarized below [46]:

1) High strain rates increased the initial yield resistance, but caused small differences in
either stiffness or resistance in subsequent cycles at the same displacement
amplitude.

2) Strain rate effect on the resistance diminished with increased deformation in a strain-
hardening range.

3) Non substantial changes were observed in ductility and overall energy absorption

capacity

Otani [46] also suggests that the strain rate during an oscillation is highest at low stress
levels, and gradually decreases toward a peak strain. Cracking, crushing and yielding will
contribute to a reduction in the system’s stiffness, elongating the period of oscillation. Such
damage is caused by the lower modes of vibration having long periods. Therefore, the strain rate e
is small in earthquake analysis, and it has a small effect on the concrete response. FLPIER uses

the confinement model described below to include the effects of strain rate.
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Confinement Effect. The confinement of reinforced concrete columns is an
effective way to increase its strength and ductility, as shown in Figure C-10.

Confinement basically decreases the slope of the descending branch of the loading curve
of concrete, making the confined concrete member more ductile and less brittle. The reader is
referred to References 36 and 45 for further discussion of the subject.

Soroushian et al. [36] proposed a very simplified model, that incorporates both strain-rate
and confinement effects in the compression envelope curve for concrete. The following

constitutive model, based on that model, was implemented in FLPIER:

2
ket~ 28 Ll f
0.002K,K; | 0.002K.K,
§is "6' < 0.002K1K3 -. (C-24)
KK f. [1-2(z-0.002K,K, )|
> 0.2K,K,f,
) £>0.002K,K,

where
f = concrete compressive stress,

£= concrete compressive strain,

p;-fyh

) VL it L

[

44

spiral 5p

ps = volumetric ratio of the hoop reinforcement to concrete core = i
S

[’ = 28-day compressive strength of concrete, adopted as 0.85.77¢c ,

f = yield strength of transverse reinforcement,
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[ 0.5

3+0.002f, 3 25 \g —0.002K,K,

,_) f:-1000 "4 6

B (MPa)

il L TR ps\/i _0.002K,K
| 1457, —1000 47*\'s

(psi)

h’ = width of concrete core measured to outside of the transverse reinforcement, as shown
in Figure C-11 for square, rectangular, and circular sections,

5 = center-to center spacing of transverse reinforcement

K, =1.48+0.160log,, & +0.0127(log,, £)° , and (C-26)

K, =108+0.160log,, £ +0.0193(log,, £)° (C-27)

Note: For £ <107 /sec, K;=K;=1.0.

In this model, X; represents the strain rate effect on the compressive strength of the
concrete, and K takes care of the strain rate effect on the strain at maximum stress. It is assumed
that the strain rate effect on the slope of the descending branch of the stress-strain diagram is
similar to the strain rate effect on the compressive strength of concrete. This is supported by test
résults. The model representation can be seen in Figure C-12. There is no change in the unloading
or reloading curves.

The following modifications were also proposed by Soroushian et al. [36] for the secant
and tangent stiffness of concrete when subjected to dynamic loading:

Ecd
Ecs

= 1.241+0.11110g,, & + 0.127(log,, £ and (C-28)
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Ecq

is

= 1.061+ 0.464 l0g,,  + 0.00683(log,, &)’ (C-29)

In the preceding equations E.; = dynamic secant modulus of elasticity, £, = static secant
modulus of elasticity, £, = dynamic tangent modulus of elasticity, and E, = static tangent
modulus of elasticity. Note that when compared to the secant modulus, the tangent modulus
seems to be less influenced by the rate of straining. These changes were also implemented in

FLPIER.

Modal Analysis in FLPIER
The computer program FLPIER has been implemented with both time domain and modal

analysis capabilities. Figure C-13 Mates the iterative procedure that was adopted.

In the first cycle the earthquake motion is applied to the structure and the initial forces at
the base of the piers are computed. Initially, the springs that represent the foundation are
considered very stiff, to simulate fixed supports. Then for each column, a vector of six forces is
generated, the three forces Fx, Fy, and FZz in the x, y. and z directions, and the three Mx, My, and
Mz respective moments.

Each of these forces is then applied to the foundation, one at a time, as in a standard static
analysis. This will produce three displacements, dx, dy, and dz. in the x, y, and z directions, and
three respective rotations &y, 6y, and &%, at the base of each column. These define the first column
of the flexibility matrix for the foundation. After all six forces are applied, one for each column in
the matrix, the six-by-six flexibility matrix for the foundation is obtained. By inverting this matrix
the new stiffness for the foundation is obtained, which becomes the foundation springs for the

base of each pier for the next cycle.
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The analysis is carried out until two consecutive base forces for one pier are the same,
within a tolerance. To compare vectors norms are used, also called absolute values. The 2-norm
of two consecutive base force vectors is computed, and if within a stipulated tolerance, the

analysis is terminated and the final forces are printed. The 2-norm of a vector is defined as

follows: If it = (uI sl )T then the 2-norm of u is [, = Ju'u .

It is important to note that in this analysis the structure is always considered to be linear,
the main pre-requisite for modal analysis of any type. However, the springs generated for each
cycle will reflect the characteristic nonlinear behavior of the foundation. This is an approximate

method used for bridge pier analysis.

Multiple Support Excitation

It is usually assumed that all supports, where the structure is connected to the ground,
undergo identical prescribed motion. In this section the previous formulation of the equation of
. motion is generalized to allow different — possibly even multi-component — prescribed motions
at the various supports. Such multiple-support excitation may arise in several situations. First,
consider the earthquake analysis of extended structures such as the Golden Gate Bridge, in San
Francisco, California. The ground motion generated by an earthquake on the nearby San Andreas
Fault is expected to vary significantly over the 6450-ft length of the structure. Therefore different
motions should be prescribed at the four supports: the bases of the two towers, and two ends of
the bridge. Second, consider the dynamic analysis of bridge foundations. The earthquake occurs
deep in the soil, at the rock level. As the seismic waves move up in the soil the acceleration
records at different soil depths are expected to vary. Therefore, the piles will be subjected to

different accelerations along their depth during the earthquake.
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In order to analyze multiple support excitation systems, the effects of the support motions
must be included in the equations of motion (Figure C-14). The displacement vector is first
divided into two parts D' and D,; D' includes the NDOF of the superstructure, where the
superscript # denotes that these are total displacements; and D contains the N, components of
support displacements,

The equation of dynamic equilibrium for all the degrees of freedom (DOF) can then be

rewritten in partitioned matnx form:

m m, || D' # g Dt k k, ||D 0
"!;-‘ mgg Ijg " Cé‘ ng DZ % kg kgg D.E’ o ‘pg(z‘) (C-30)

Observe that no external forces are applied along the superstructure DOF. In Eq. C-30 the

mass (m), damping (c), and stiffness (k) matrices can be determined from the properties of the

structure using traditional methods of matrix analysis, while the support motions D_(7), f)g(t)
and ﬁg(r) must be specified. Because the data that are usually available for an earthquake
consists of the acceleration record at some depth, Ijg(t), the quantities D, (7) and Dg(t) can be
obtained by numerical integration of ﬁg(!), by using, for example, the Trapezoidal rule. The
ijective is to determine the displacements D' in the superstructure DOF and the support forces

(D).

The displacements are first separated into two parts:

- -+ -
B, D, 0
In this equation ) is the vector of structural displacements due to static application of the

prescribed support displacements [, at each time instant. The two are related through
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k k(D] (o0
{"i *EHI)J :{ps} ' (C-32)

where p; are the support forces necessary to statically impose displacements D, that vary with

time; obviously, I’ varies with time and therefore is known as the vector of quasi-static

displacements. Observe that p; =0 if the structure is statically determinate or if the support

system undergoes rigid-body motion; for the latter condition an obvious example is identical
horizontal motion of all supports. The remainder D of the structural displacements are known as

dynamic displacements because a dynamic analysis is necessary to evaluate them.

With the total structural displacements split into quasi-static and dynamic displacements,
Eq. C-31, the following equation can be written from Eq. C-30,
mD' +m,D, +cD' +c D, + kD' +k,D, =0 (C-33)

Substituting Eq. C-31and transferring all terms involving D, and D to the right side leads

to

mD+cD + kD = p,, (1) : (C-34)
where the vector of effective earthquake forces is
P () =~(mD* +m,D,) (D’ +¢,D, )~ (kD* +1,D,) (C-35)

This effective force vector can be rewritten in a more useful form. The last term drops out

because of Eq. C-32 resulting in

kD* +k,D, =0 (C-36)



This relation also allows the quasi-static displacements D)’ to be written in terms of the

specified support motions D:

D =¢D ; (C-37)

4

and
= —k“kg (C-38)

¢ is called the influence matrix because it describes the influence of support displacements
on the structural displacements. If all the supports undergo the same motion, the influence matrix

¢is unitary. It is clear from Eq. C-38 that / is obtained by solving the linear system of equations:

ke =—k (C-39)

&

Substituting Eqs. C-37 and C-36 into Eq. C-35 gives

P () =—(mt +m)D, (1)~ (ct+¢c,)D, (1) (C-40)

If the ground (or supports) accelerations ﬁg(t) are prescribed, the velocities Dg (7) can
be obtained by numerical integration of the accelerations ﬁg (7). With p.y(7) known from Eq. C-

40, this completes the formulation of the éoverning equation (Eq. 34).

However, Eq. C-40 can be simplfied on two counts. First, if the damping matrices are
proportional to the stiffness matrices (i.e. ¢ = ak and ¢, = ajk;), the damping term is zero.
Second, if the mass is idealized as lumped at the DOF, the mass matrix is diagonal, implying that

m; is a null matrix and m is diagonal. With these simplifications Eq. C-40 can reduces to

Py (t)= —mfﬁg (1) (C-41)
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For a better understanding of how the influence ¢ matrix is formed, consider the 2D frame
with the DOF illustrated in Figure C-15.

Note that the support DOF, 4 and 5, are numbered last, according to Eqs. C-30. By
applying unit displacements to DOF 4 and 5 the 4" and 5% columns of k, shown below, are

obtained.

(24 6L ©L 12 12
6L 8L° 2L* 6L O
k:% 6L 20" 8L @ 6L (C-42)
2 8L o 4z b
3% 8 800 12

Ifk, = [kg., ,kg_z], where k,; and k. are respectively the 4" and 5™ columns of &, and the

influence matrix /= [f o 2] (note that £ is N x Ng), by solving &£, = k_, the nth column of ¢

is obtained. This procedure can be extended to 3-D analysis as well. In this case there are six
possible directions for the motion of each support; however, in most cases the horizontal
movement cont;ols the analysis. In FLPIER the support motions are applied to the soil springs
that connect with the footing or the piles. In the case of the simplified pile shown in Figure C-16,

considering the DOF illustrated, the support stiffiess 4, (8 x 4) is then given by Eq. C-43.
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Modal analysis has also been developed by others for multi-support excitation. The reader

should refer to References 5, 47, 48 and 49 for more details.

Soil-Structure Interaction

The earthquake response of bridge structures depends on the soil-pile-structure interaction
during the earthquake loading. The subject has been extensively studied by many researchers [50,,
51, 52, 53, 54, 55, 56, 57, 58]. There are two basic limitations to these studies. The first is that
most of them apply to single-pile structures, making it impossible to account for multiple pile
interaction effects, characteristic of a real structure. The second is that because of obvious cost
problems, large-scale tests are rarely done. Another limitation is that the original data for most of
these studies are not available.

In FLPIER soil-structure interaction is accounted for by the use of equivalent nonlinear
soil springs. In particular, the complicated soil-pile-superstructure interaction is captured by
determining the primary structural earthquake response, and then driving this response into the
foundation system. In terms of the discussion in Appendix B, this allows for the simultaneous
consideration of kinematic and inertial effects in the substructure system, especially in the pile
groups. The coupled problem of soil-structure interaction is solved in terms of the structure first

and the foundation system second. This procedure is considerably simpler than performing a
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completely coupled solution; however, there are some approximations and uncertainties in the
simplified procedure.

Abghari and Chai [59] suggest that the main source of uncertainty in the present approach
can be illustrated by a simple modal response argument. The primary response of the structure is
often a purely structural "fundamental" mode that does not capture the accurate response of the
foundation (the "inertial" effect in Appendix B). The primary soil response mode approximates a
free-field shear deformation (the “kinematic" effect in Appendix B) in which the superstructure is
displaced in a near-rigid-body manner. As can be deduced from Appendix B, the two modes may
not be closely coupled at certain frequencies of ground excitation;, therefore, driving the design of
the piles with the response of the superstructure may not accurately estimate the actual response
of the entire system. In the absence of more rational analysis data, the uncertainties present in the
simplified analysis make it difficult to predict whether the resulting pile foundations are over- or
under-designed, It is therefore necessary to develop models that can account for the coupling
between foundation and structure.

A simplified coupled solution would be to select a single pile from the pile group, with the
superstructure being modeled as a single-degree-of-freedom system having the same period as the
fundamental period of the structure, and a mass equal to the contribution of the superstructure to
each pile. The pile is then subjected to displacement time histories previously calculated from a
dynamic site response analysis, and forces and defections are calculated. There are basically two
methods for applying the displacement histories to the piles: the Uncoupled Method and the

Coupled Method. Both methods are described next.
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Uncoupled Method

This method is illustrated in Fig. 18 (a). The analysis is done in two steps:

1) The computation of the free field motions;

2) The prediction of the pile-superstructure response.

The free-field motions are computed independently through a one-dimensional site
response analysis using widely available computer codes {SHAKE [60]}. These computed
ground motions are then used as boundary conditions applied at nodal locations, corresponding
to the supports for nonlinear "p-y springs," (Appendix B) in the foundation system. It should be
clear that what is done is a multiple support excitation analysis, with the support motions given
by step (1), In this method the soil mass is lumped at the pile nodes. This method is the state-of-

practice in dynamic analysis of foundations. This method is used in FLPIER

Coupled Method

This method is illustrated in Figure C-17b. The analysis could be performed by applying
the free-field motion to the base of a soil column, modeled with "soil elements". The idea is that
the earthquake occurs at the rock level, so applying the free-field motion to the bottom of the soil
column makes sense. The "soil elements” are connected to the pile nodes through "p-y springs"
and dashpots. Note that in this method only one free field motion is applied to the structure-
foundation system, so there is no necessity for multiple support excitation. One advantage of this

method would be that the soil mass can be obtained from the "soil elements" using the finite
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element method procedure (e. g., a consistent mass formulation). The disadvantage is that the
"soil element" must be a good representation of the soil, because all the interaction behavior
between the support motion and the structure-foundation system is dependent on this element.
Although this simplified procedure may be efficient for a first estimate of the behavior of
the structure when subjected to earthquake loading, it is somewhat impractical for design. Note
that the pile cap, pier cap, and pile group effects are not present in this type of analysis, making it
difficult to estimate the forces to design for. Therefore the computer program FLPIER was
modified to perform a time-step analysis of the structure using the uncoupled method. It is now
possible to input, for each pile node, the ground acceleration record at the elevation of the node,
and the program will run the time-step analysis considering a multiple support excitation. All
piles in the group are considered to be submitted to the same acceleration record. This results in

the maximum forces that each element are subjected to during the dynamic analysis.

Cyclic Behavior of Seil

The cyclic behavior for soil presented here is based on the recommendations of O'Neill et
al. [61] and is a simplified approach to the complex dynamic behavior of soil. Although the
changes in FLPIER were limited t'o the lateral resistance springs (p-y), the extension to the axial
pile-soil resistance springs (t-z) is obvious. It is also important to note that the dynamic factor
usually incorporated in the p-y curves for soil under dynamic loading has not been incorporated
in this model, The static p-y curves are used for the dynamic analysis. A typical static p-y curve

is illustrated in Figure C-18.
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The p-y behavior for cyclic loading is illustrated in Figure C-19. Loading is described by
the original p-y curve. As the pile load is reversed at a given level, the soil reaction unloads along
a path parallel to the loading path, not along the initial loading path, which produces hysteretic
damping. When the soil reaction reaches zero, no further reaction i; generated until the
displacement of the pile at the location of concern reverses, at which time it follows the loading
path in the opposite direction. Then, upon load reversal in the opposite direction, a mirror image
effect is generated, except that no further soil reaction will be generated until the defection
reaches the value of deflection corresponding to the width of the gap in the previous cycle. Then,
loading occurs along the previous unloading path. Once the gap develops at a particular level due
to lateral loading, the axial performance of the pile is affected because the development of
shearing resistance is no longer permitted at that location, however this effect is not taken into
account in the actual dynamic version of FLPIER at this time.

The dynamic p-y curve formulation described in Appendix B has also been programmed
for FLPIER However, that formulation has not been extensively checked either against load
tests or against the standard, static p-y curve model described herein, so the user should proceed
carefully with that formulation until sufficient experience has been gained with its use. The

descriptions below proceed with p-y curves that are based on static or quasi-static behavior.

Cyclic Degradation

Cyclic p-y degradation is specified through the use of Eq. C-44 [61]:
pe = (1- )P, - Pa)+ Py (C-44)
In this equation Ais a soil degradation parameter specified by the user, p. is the soil

resistance (e. g., p for p-y curve corresponding to a given value of deflection y) for the current
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cycle of loading, p, is the value of resistance corresponding to the present value of y on the
previous cycle of loading, and p; is the fully degraded value of p at the present value of y. The
analysts inputs the back bone, or first cycle, p-y curve and also a fully degraded p-y curve. In
FLPIER the initial p-y curve can be automatically generated by the program based on the soil
properties. The fully degraded p-y curve is given by a degradation factor, given by the user,
multiplied by the initial p-y curve. At this time the user can not supply the fully degraded p-y
curve. In a seismic event or for an extreme event that involves impact loading, some cyclic
degradation may occur, but the fully degraded value may never be reached, A typical value for the

soil degradation parameter, A, is given in Eq. C-45.

log 2 ]

s 10[""50 (C-45)

In Eq. C-45 Ny is the number of cycles that would be necessary to degrade the soil by 50
percent. This would be a site-specific parameter that wold have to be obtained by appropriate
laboratory tests or from cyclic lateral pile testing.

The dynamic p-y curve formulation described in Appendix B has also been programmed
for FLPIER However, that formulation has not been extensively checked either against load
tests or against the standard, static p-y curve model described herein, so the user should proceed

carefully with that formulation until sufficient experience has been gained with its use.

Strain Rate Effect

Usually, when soil is subjected to dynamic loading, cyclic degradation occurs

simultaneously with an increase in the apparent soil (axial or lateral) resistance caused by rapid
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rates of loading that occur in the most extreme events. Once the cyclic degradation has been

accounted for, the rate effect is computed from [61]:
i t
B ¥y F, log[—'] g (C-46)

where p; is the instantaneous soil resistance considering both cyclic and loading rate effects, p. is
the resistance considering only cyclic loading, ¢, is the actual rate of loading in Hz or unit of
distance per second, 7, is the corresponding rate of loading appropriate for standard slow cyclic
loading (typically 0.01 to 0.1 Hz) and F- is a soil factor, which can be taken as 0.01 - 0.03 for
sand, 0.02 - 0.07 for silts, 0.02 - 0.12 for clays, and 0.01 - 0.03 for calcareous soils. Both the rate

effect and cyclic degradation models are built into FLPIER.

Radiation Damping
Radiation damping is modeled through the use of dashpots having constants C that are

attached to the pile nodes [61], where
Ci= .‘!D%(vs +v) : (C-47)

and where C}, is for horizontal (p-y) resistance in units of FI/L? D is the pile diameter, 7 is the
unit weight of the soil, g is the acceleration of gravity, v; is the shear wave velocity of the soil,
which would need to be estimated at a given site, and v is a velocity in between the shear and
compression wave velocities of the soil. A lower bound solution for Cj, which is used in FLPIER,

is given by taking v = v.:
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C,, — 4D—Vs (C"48)

A similar expression can be developed at a later time for axial loading, although the

current version of FLPIER does not have this capability.

PREDICTIONS OF RESPONSE USING FLPIER

This section provides a comparison between the experimental response of test columns
reported in the literature [16, 17, 62, 63, 64, 65] and the theoretical predictions of FLPIER. The
tests include different cross sections, such as steel sections, and circular and square reinforced
concrete sections. When the data were available, the monotonic and the cyclic tests were
compared. Three examples considering soil are also presented, but the structure is considered to

remain linear during the analysis. The results for the various tests are presented in the following.

Example 1 - Steel Section 1

Although this report mainly addresses the behavior of reinforced concrete structures, it is
opportune to verify the behavior of a steel section to validate the adopted bilinear steel model. A
W 14 x 176 steel section that was first Sﬁldied by Baron and Venkatesan [16] and later used by
Chen and Atsuta [17] in similar studies, is used for comparison. The steel is ASTM-A36, with
yielding stress f, = 36 ksi, and Young’s Modulus E; = 29000 ksi. The history of deformations is
given. No axial load is applied. The W section is modeled as a single steel H-pilé, composed of 16
nonlinear discrete elements, the default in FLPIER, and is fixed at the base. A mass, a damper,
and a spring were attached to the top of the pile to minimize the dynamic effects, resulting in a

'‘pseudo-dynamic' model with imposed displacements. The FLPIER model and the dynamic
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parameters are shown in Figure C-20. A comparison between the actual test and the FLPIER
model is shown in Figure C-21. Based on the fact that just a few points are reported in the

original work, the comparison is very good.

Example 2 - Steel Section 2

In Example 2 the geometric nonlinearities already incorporated in FLPIER are included in
the analysis, with the presence of an axial load. In this test the tangent stiffness approach added to
the code is compared to the current approach, the secant stiffness, considering the p-A effects.
The computer model and the dimensions for the cross section are illustrated in Figure C-22. The
FLPIER results are compared to the results that were obtained using a computer program that
also considers material and geometric nonlinearities [62]. A summary of the results for this test is
contained in Table C-2. The comparison between FLPIER and Hays [62] is shown in Figures C-
23 and C-24.

The following observations can be made from this example:

a) As expected, the tangent and the secant approaches give the same response until a point
where the secant approach does not converge (between 1.5 and 2.0 in). Beyond this point
FLPIER is in good agreement with the results given by Hays [62] This indicates that the new
tangent approach introduced in the FLPIER model appears to work well, and in this particular
example is more stable than the secant approach.

b) Second, the p-4 (or second order) moment effect is also modeled and is clear in Figure
C-24. Note that the shear force starts to decrease as the second order moment dominates the
response. Although this is not a dynamic test, its importance relies on the fact that it tests the

tangent stiffness approach used in the dynamic analysis.
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Example 3 - Circular Reinforced Concrete Column 1

The third example analyzed by FLPIER was the full-scale flexure column presented in
Chai et al. [63]. This reference mentions that this column represented the then-current (1991)
ductile design for bridge columns. Table C-3 summarizes the parameters for the test column,
which was subjected to a constant axial compression force of 1000 kips and a lateral cyclic
displacement of increasing amplitudes until failure of the column. Unfortunately, the data for the
cyclic test were not available for comparison. The computer model is identical to the one shown
in Figure C-22, except for the cross section and length L, now 30 ft. The different parameters for
the tests are shown in Table C-4. All tests have the same material properties.

The first step was to perform an incremental static analysis using both the secant and the
tangent methods. The static test uses a uniaxial material model and the proposed concrete model.
The comparison between FLPIER and the test is shown in Figures C-25 and C-26 for the shears
and moments, respectively. From Figures C-25 and C-26 note is taken that although the column
strength values are very close, the slopes of the curves are slightly different. Three factors may

have contributed to that phenomenon:

a) Because the original publication did not provide the values for the modulus of elasticity
for steel and concrete, they had to be adopted. For the concrete, the empirical value given by the

formula [66]
E. = 57000./f". (C-49)

was adopted. For the steel 29,000 ksi was adopted as the modulus of elasticity, which is typical

for steel.
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b) The usé of a discrete curve, defined by straight lines segments, instead of a continuous
curve (parabola) for the concrete model may also have introduced some error.

c¢) A phenomenon called anchorage-slip, which is explained in more detail later, may be
present. Basically, this phenomenon causes additional displacements usually not accounted for by
the analysis, making the column behave ‘softer’ than predicted.

All of these factors have direct influence on the column stiffness, explaining the difference
between the FLPIER model and the test results.

A 'pseudo-dynamic' computational analysis, following the concept presented in Example 1,
but with an adjustment in the mass and damper because of the change in stiffness, was then run to
compare the effects of including confinement in the analysis. A plot comparing the FLPIER
unconfined and confined dynamic models to the reference test is shown in Figure C-27. Note that
there is still some discrepancy in the predicted and test stiffness of the column, which may have
been be caused by the facts mentioned earlier. Although all the approaches could predict very well
the ultimate moment, only the confined model could predict the more ductile behavior shown in
Figure C-27 for the original physical test.

This computational test is important because it shows clearly the effects of confinement.
Note that for the static analysis the theoretical column strength is just slightly over the actual test
value, however the maximum displacement achieved was much less than the one in the test. This
is because no confinement was considered in the analysis. This illustrates the main characteristic
of confinement, that although there is no great increase in the column strength (Figure C-27), the
column's ductility is reasonably increased, an important characteristic that should be present in
columns in seismic regions. Although the confined model gives a response much closer to the

original test, failure of the column at about 23 in. of displacement could not be predicted.
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Example 4 - Circular Reinforced Concrete Column 2

Another monotonic test for a circular column was presented in Chai et al. [63]. The
column test data are summarized in Table C-5.

Following the same procedure used in Example 3, an incremental load static computaional
test was first performed using the secant and tangent approaches. No confinement was
considered. The cqmparison of the shear forces is shown in Figure C-28. Note the effect of the
second order moment as the shear force decreases after 2 in of lateral displacement. Then, a
pseudo-dynamic test was run to verify the FLPIER predictions for the confined and unconfined
options. The comparison can be seen in Figures C-29 and C-30. Note that this produces a much
closer agreement in the stiffness. This agreement can be explained by the fact that this is a2 much
smaller column, so the factors that contributed to the discrepancy in the previous test have a much
smaller influence.

It is noteworthy that, based on the FLPIER confinement model, the column is not
adequately confined. Note that in Figure C-29 the confined response is even worse than the
unconfined response. The conclusion is that if the column is not adequately confined the
confinement model is going to give the worse results than the unconfined model, and therefore
should not be used. However, when the hoop spacing was changed to 2 in., a much closer
agreement is observed between the confined model and the physical test (Figure C-31). The

adopted confined concrete model makes no distinction between hoop and spiral confinement.
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Example 5 - Rectangular Reinforced Concrete Column

In order to verify the concrete model under cyclic loading a series of tests performed by
Bousias et al. [64] was used for comparison with FLPIER. This physical test program consisted
of a series of 11 separate physical tests performed to study the behavior of reinforced concrete
columns subjected to various types of cyclic loading. The tests referred as S0, S1, S2, 83, §4 and
S10 in the original work were used for comparison because they reflect closely the type of cyclic
loading common in dynamic analysis. Tests SO to 84 consist of a cantilever column subjected to
imposed displacements or forces in the X and ¥ direction with a constant axial load. Test S10 is
also a cantilever column, but the axial force (Z direction) is not constant during the test. These
directions are indicated in Figure C-31. Table C-6 summarizes the loading parameters and
concrete strength for each test .

The details aboul the specimens used in the test can be found in Gutierrez et al. [67]. The
specimens had a 0.25-m-square cross section and a free length of 1.50m, and were built in as a
cantilever into a l-m-square, 0.5 m thick, heavily reinforced foundation base Longitudinal
reinforcement consisted of eight 16-mm-diameter bars, uniformly distributed around the
perimeter. A double hoop pattern of 8-mm-diameter stirrups at a 70 mm spacing was used as
transversal reinforcement. The steel yielding stress is 460 MPa. No reference is made in the
original work about the values of the modulus of elasticity for steel or concrete.

For the FLPIER model, nonlinear discrete elements were first used to model the column,
but this number of elements proved to be very time consuming for these cyclic tests. The number
of discrete elements was then reduced to four, and good agreement was obtained. All the
moments from FLPIER were computed at the internal node of element four, indicated in Figure

C-31, to avoid the addition of the second-order moments and allow the results to be compared to
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the original test. The original tests were also set up in a way that the second-order moments were
avoided. All the moments reported are about the Y axis (Figure C-31), These are basically cyclic
tests with loading modelled as imposed pile tip displacements, so a lumped mass m, a damper ¢,
and a spring k were added to the top of the pile to minimize the dynamic effects. The computer
model and the values for the dynamic parameters can be seen in Figure C-31.

Monotonic Tests

The first step in the computer analsyis was to verify the concrete model under monotonic
load. Using the actual static version of the computer program FLPIER, the column capacity was
found. This was done by applying incremental increasing forces until no convergence was
achieved. Then, with the dynamics option on, the same type of analysis was performed. The plot
of moment at the base of the pile versus tip displacements for both analyses is illustrated in Figure
C-32. Note that the static version of FLPIER cannot predict the softening behavior of the column
beyond failure because the secant stiffness approach is used. In the dynamics version the tangent
stiffness approach is used, so the softening behavior can be modeled. The moment capacity for
this column, from the static analsyis, was found to be approximately 100,000 KN-mm, at a
correponding tip displacement of 15.4 mm. Note from Figure C-32 that both models are in very
good agreement.

A parametric study on the influence of changing the parameters of steel and concrete was
also performed for the monotonic case. Each of the parameters, modulus of elasticity of concrete
E,, compressive strength of concrete f'c, modulus of elasticity of steel £;, and yield stress of steel
Jv, was changed by a factor of 0.5 for comparison. Table C-7 helps to identify the tests and the
changed parameters. The input files are identified by the .in extension. The extension DAT

identifies the output data file for the plots. Confinement was not considered in these
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computational tests. The comparison between the various parametric tests and the model with the

original parameters is shown in Figures C-33 to C-36.

The following comments can be made about these monotonic computational tests:

a) When the modulus of elasticity is changed there is no significant decrease in the column
strength; however, reducing the modulus of elasticity of steel has a more significant influence than
reducing the modulus of elasticity of concrete (Figure C- 33).

b) From Figure C-34, reducing the concrete strength by one-half decreases the column
capacity but not by the same proportion. Reducing the steel strength by half decreases the column
strength by a larger amount than when the concrete strength is reduced by one-half.

¢) From Figure C-35, reducing both values of the modulus of elasticity by one-half makes
the model unstable, which is expected. However, decreasing the strengths by one-half decreases
the column capacity by approximately the same proportion, as expected, but the model did not
become unstable.

d) Finally, by decreasing all of the parameters by by one-half, the column strength and
stiffness is decreased by one-half, as expected (Figure C-36).

The file bm1_5.in did not converge. This is the test in which the elastic modulus of steel
and concrete were decreased by half, but the original values for stresses were maintained. Note
that decreasing drastically one of the parameters, while keeping the other constant, may cause
instabilities to occur the model (FLPIER)

In order to illustrate the strain-rate effect, another set of computational tests was
performed considering confinement at different strain rates. The strain rates were changed from

10”/s (very slow) to 1/s (very fast). The concrete and steel properties were not changed and are
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those of file bml.in, as described in Table C-7. Table C-8 helps to identify the strain rate tests.
The comparison between the unconfined and confined models, as well as the effect of different
strain rates, can be seen in Figure C-37.

In Figure C-37, there is a difference between the unconfined and confined models and in
the increase in moment capacity as the strain rate is increased. The additional strength provided by
the increase in the strain rate should be used with caution. In the case of an earthquake, for
example, it is very probable that the structure will experience some cracking and yielding, what
will make it less stiff, increasing the period and leading to lower strain rates. Therefore, the use of
small strain rates is usually a safer lower bound approach to the problem.

Cyclic Test SO

In order to verify the behavior of the concrete model under cyclic loading, which is typical
of dynamic analysis, a cyclic numerical test was performed for the first 90 seconds of the original
physical test. The maximum imposed displacement was slightly over 15 mm, which charactenizes
failure from the static tests. The tip displacement time history for the first 90 seconds of the
physical test can be seen in Figure C-38, which also shows the FLPIER time history. Note that the
physical and numerical results are in perfect agreement. The first run was performed with the
original data for steel and concrete. The comparison is shown in Figure C-39. Note that the
FLPIER model is stiffer than the physical test specimen. It was then necessary to adjust the values
of the elastic modulus of steel and concrete to calibrate the model. In lieu of information from the
original work, the initial adopted values for steel and concrete were respectively, £, = 199.96
KN/mm?®, and E, = 26.25 KN/mm®, which are reasonable values for steel and concrete [66].

However, the best agreement between the physical test and FLPIER was obtained with E; = 90
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KN/mm’, and E, = 20 KN/mm’, asa depicted in Figure C-40. Three factors may have contributed
to the disagreement using standard steel and concrete moduli:

a) The value of the modulus of elasticity for concrete was computed using the empirical
formula given by Meyer [66], which could introduce some error,

b) The modulus of elasticity for the steel was adopted considering a typical value for
construction steel. This could also introduce some error.

c) The third, and perhaps most important, component for the error could be anchorage
slip. Alsiwat and Saatcioglu [68] and Saatcioglu et al.[69] reported that anchorage slip is one of
the major components of inelastic deformation in reinforced concrete. Alsiwat and Saatcioglu [68]

define anchorage slip by the following statement:

"Anchorage slips occurs when the critical section of a member for flexure is located near
the adjoining member. Formation of a flexural crack at the interface of two members
strains the reinforcement crossing the crack. Widening of the crack may produce inelastic
strains in the reinforcement. This results in penetration of yielding into the adjoining
member, giving rise to significant extension of reinforcement. Additional rigid body
deformation may occur due to slippage of reinforcement. The combined effect of
reinforcement extension and slip in the adjoining member may be referred to as anchorage

slip

Anchorage slip will result in member end rotations that are not accounted for in flexural
analysis, resulting in a member that is 'softer' than initially predicted. In the new concrete model in
FLPIER this effect is not considered, but it seems, based on the results presented in Reference 68,

that this effect may be considered by decreasing the modulus of elasticity of the materials, making
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the member 'softer’. Alsiwat and Saatcioglu [68] and Saatcioglu et al. [69] developed models for
anchorage slip, and the reader is referred to their work for more information on this topic, The

0 1/sec (very slow).

strain rate adopted for all the confined tests was 1

The next step was to model the complete test, changing the modulus of elasticity for steel
and concrete. The total duration of the test was 700 seconds. The complete imposed tip
displacement time history is shown in Figure C-41. It is important to note that failure for the
column was characterized by a displacement of about 15 mm. Note that in the test the column is
subjected to tip displacements of about 90 mm, what is very extreme. The analysis was performed
with a time step equal to 0.01s. Table C-9 helps to identify the modulus of elasticity of the
materials for each run. Concrete confinement was also added to the analysis. Figures C-42
through C-45 show the comparison of each model to the physical test results. Note that the
response given by FLPIER using the original material properties is always stiffer than the physical
response, although the column strength is very close for all cases. However, when the moduli of
elasticity for steel and concrete were decreased, there is a much better agreement, but the FLPIER
model is still stiffer. It seems that there is an additional stiffness degradation factor, caused by the
large amplitude of the cyclic loading, not accounted for by the FLPIER concrete model. Note that
cyclic degradation is usually related to a large number of low intensity loading cycles, but in this

example, after a relatively small number of cycles, the stiffness degradation is considerable. This

phenomenon can be introduced into the FLPIER concrete model in the future.
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Cyclic Tests 83 and S4

These are mixed-mode control tests: displacement-controlled in the X-direction and
force-controlled in the Y-direction. The imposed displacement in the X-direction and force in the
Y-direction for Test S3 are shown in Figure C-46 and Figure C-47. The comparison between the
physical test results and the FLPIER output is shown in Figures C-48 and C-49. Test 84 differed
from Test S3 in that each constant level of the Y-force was applied first in the +Y direction and
then in the -Y direction, with the repetition of three cycles of X-displacement. The imposed
displacement in the X-direction and force in the Y-direction for test S4 are shown in Figures C-
50 and C-51, respectively. The comparisons are shown in Figures C-52 through C-54. The test
parameters are given in Table C-10.

Note again that changing the values of the modulus of the elasticity of concrete and steel
improves the FLPIER predictions; however, FLPIER again over-predicted the column capacity,
which also indicates the necessity of a strength degradation factor for the FLPIER model. In ts43
the steel strength was reduced to illustrate the effect of changing one of material parameters in

the cyclic analysis.

Example 6 - Piles in Sand

In this example the response given by FLPIER considering the soil effects is compared to
tests conducted by Wilson et al. [65]. This was a series of dynamic centrifuge tests to investigate
soil-pile-structure interaction in liquefiable sand. The models consisted of structures supported
on single piles and 2 x 2 and 3 x 3 pile groups. Although in the original work a variety of tests
were performed, three tests were chosen for comparison. From the series of tests referred as
CSP2, a single pile with a single column called SP, a 2 x 2 pile group with single a column called

PG2, and a 3 x 3 pile group with single column called PG3, were selected for comparison. In the
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physical tests the centrifuge models were subjected to a series of shaking events, with
liquefaction occurring during the stronger events. In the current study of FLPIER, to avoid the
effects of liquefaction not yet included in the FLPIER model, the structure was subjected only to
the first event in the series numerically, and the results were then compared. The structure was

assumed to behave linearly in all the tests. The three tests are described next.

Test SP

System SP simulated a superstructure with a mass of 50 tonnes (1 tonne = 1000 kg)
supported by a single steel pipe pile 0.67 m in diameter, 16.8 m long, and with a 19 mm wall
thickness. The column height is 5.4 m. Figure C-55 shows the model used in FLPIER. The soil
data for all the tests are described in Table C-11. A set of five tests were run, where only the
shear wave velocity for the soil layers was changed. Because the values for the shear wave
velocity for the soil were not given in the original work, reasonable values obtained from Richart
et al. [70] were adopted. The values v, = 68 m/s and v, = 78 m/s were adopted for the upper and
lower layers respectively, because they gave the best response. No damping was added to the
structure. The acceleration record for the top ring of the centrifuge was taken as input for
FLPIER; it can be seen in Figure C-56. The comparison between the FLPIER output and the test,
for displacements and moments, can be seen in Figures C-57 and C-58, respectively. Note that

the comparison is very good for a single pile.

Tests PG2 and PG3

Tests PG2 and PG3 consisted of a single column supported by a2 x 2 (PG2) anda3 x 3
(PG3) pile group, respectively. The pile and soil properties are identical to those in the single pile

test described previously. The prototype-scaled structure dimensions (in meters) and test setup
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are shown in Figures C-59 and C-60. The masses for the cap, column and top mass are given in
Table C-12. The period of the superstructure, considering it to be fixed at the base of the column,
is 0.5 s. The model of the prototype in FLPIER had its pier stiffness adjusted to give this same
period. Because the structure is considered to be linear, this was done simply by changing the
values of the modulus of elasticity, £, and moment of inertia, /, for the linear 3-D beam elements
that model the pier. The soil was modelled with O'Neill's p-y criterion for sand, p-multipliers of
1.0 and radiation damping was simulated by specifying values of soil shear wave velocity.

The comparison between FLPIER and the tests are shown in Figures C-61 and C-62 for
the 2 x 2 group and in Figure C-63 for the 3 x 3 group (the displacement data were not available
for the 3 x 3 configuration). For the 2 x 2 group FLPIER under-predicted the displacements, as
can be seen in Figure C-61. However, when the magnitude of these displacements is compared to
the structure dimensions, they are very small. Considering that the investigators were trying to
predict a maximum displacement of about 0.002 m for a structure that is about 30 m tall (from
the bottom of the piles to the top of the piers), the approximations are very good. Some error
could also have been contained in the physical measurements.

On the other hand, a very good approximation for the moment was obtained for the 2 x 2
group from FLPIER, as can be seen in Figure C-62. For the 3 x 3 group, such a good
approximation was not obtained. FLPIER over-estimated the pile-head moments by about 50
percent. Note that as the number of piles increased the predicted results for the pile-head
moments got worse. This is expected, since the group influence, as represented, for example by
the p-multiplier (Appendix B), was not included in the FLPIER analysis. Softening the p-y
curves using the p-multiplier would have resulted in lower pile-head moments, especially for the

larger group. It is clear that more study is necessary in this area, but note that values obtained for
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the FLPIER approximation are reasonable for a pre-design analysis. The advantage of using
FLPIER is that the pile and structure configurations can be easily changed, and once the
displacements are in the desirable range, a more sophisticated analysis can be done. In the future,
with a larger database, the FLPIER soil code can be calibrated to give even closer approximations
for earthquake analysis.
Example 7 - Mississippi Dynamic Test

The last physical test that was modelled is one of the few full-scale tests performed to
analyze the dynamic response of a pile group. The actual data for the test were obtained from the
East Pascagoula River test program report. The tests details can be found in Reference 71.
Basically, the test structure consisted of six prestressed rectangular concrete piles subjected to a
pulse load. Four of the piles were battered. A schematic of the structure is shown in Figure C-64.
The load history, applied to the pile cap, illustrated in Figure C-64, is shown in Figure C-65,
Loading was applied by a Statnamic device driving the pile cap horizontally. The displacement
time history for the pile cap is shown in Figure C-66. The test results were then compared to the
FLPIER program using different sets of soil properties. The first and second comparisons were
based on the p-y criteria shown in Figure C-64 using estimates of soil properties from the CPT
and SPT, respectively. FLPIER has the capability of generating p-y and t-z curves directly from
the CPT and SPT data. In the third comparison the proposed idealized soil properties proposed
in Reference 71 were used.

From the comparisons for Example 7 the FLPIER models are in good agreement with the
physical test data, especially using the p-y curves that were generated from the SPT data. The
computed initial period for the system was very close to the measured period in all the cases,

which shows that the estimate for the initial stiffness of the system is very good. However, the
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same agreement is not observed in later cycles in this under-damped system. The FLPIER model
exhibits stiffer behavior than the physical system. This is expected, since the FLPIER soil (p-y)
model does not yet include soil degradation. Also note that there is a small residual displacement
at the end of the analysis, which shows that there was some damage to the piles, or to the soil.
This is also found in the FLPIER model, which suggests that the concrete model is adequate even
for prestressed piles. It is expected that once soil degradation is added to the analysis, an almost
perfect match will be obtained. It is interesting to note that FLPIER gave good approximations
for this rather complicated nonlinear dynamic analysis, which included the presence of prestressed
battered piles and four soil layers. However, modeling was easy and straightforward using the

FLPIER program.

VALIDATION OF FLPIER RESULTS
The results from the dynamic formulation of FLPIER were compared to results from an
existing, well-used finite element program in order to validate the results of the dynamic analysis
procedures. The program chosen for validation was ADINA, a reliable FEM program developed
at the MIT, that performs linear and nonlinear dynamic analysis [72]. A finite element model was
constructed with ADINA for comparison. A detailed description of the model and test results

follows.

System Modelling
A 2 x 2 pile group was adopted for this numerical test, as shown in Figure C-70. The
structure consisted of one concrete pile cap and four concrete piles, with no pier connected to the

cap. The cap and piles had similar masses in both the FLPIER and ADINA analyses. In both

cases the masses were distributed. The focus of this test problem was on modelling soil behavior,
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so the structure was assumed to behave elastically. The geotechnical model has only one soil layer
above the water level, and the dynamic loading is a pulse load, as shown in Figure C-71. No
additional damping was added to the structure or soil. The only damping source in the analysis is
hysteretic damping due to the nonlinear soil behavior. The piles were modeled as linear 3-D frame
elements, and the cap was modelled with 9-node linear shell elements.

To verify that the foundation modeling was correct, the system was first tested without
soil. A harmonic load of 20 kips was applied to the system (the point of application is shown in
Figure C-70) and the response was computed using both programs. From basic dynamics
principles the system would oscillate with maximum displacement equal to two times the
displacement caused by the 20 kip load applied statically. The cap displacements given by
FLPIER and ADINA are shown in Figure C-72. They should and do match exactly because this
is a linear analysis.

The next step was to add soil, but to apply such a small load (10 kips) that the system
should behave linearly. Figure C-73 shows the comparison between both programs for 500 time

steps and time step size equal to 0.001s. Note that there is no numerical damping in either.

FLPIER Soil Modelling

First, the structure was modeled using the FLPIER generator. This took about 15 minutes
of the analyst's time with all data in hand. The summary soil data are shown in Figure C-70. The
sand was modeled as O’Neill sand . (Various internal p-y criteria are documented in FLPIER help
files.) The O'Neill sand criterion does not consider hysteresis; therefore, the p-y curves for the
soil were modified in FLPIER to behave as illustrated in Figure C-74. This is the behavior of a
nonlinear plastic material, with a gap in unloading. This nonlinear material is represented by a

nonlinear spring, with a gap, that is connected to each pile node. FLPIER generates the p- curves
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for all of the soil nodes automatically. The p-y curve generator generator is very helpful and
speeds up the input process considerably, especially as compared to the effort required in inputing
information in a more generic FEM program, such as ADINA.

ADINA Soil Modeling

ADINA is a generic FEM program, so the elements have to be created and then generated
with a mesh. For modeling the cap, two 9-node shell elements were used, for the piles, each pile
segment (a total of 16 segments for each pile) was modeled using 3D-beam elements. Both
elements were assigned elastic material properties, defined by modulus of elasticity E and
Poisson’s ratio v.

The soil is more complicated. As mentioned previously soil is modeled as a nonlinear
plastic material, and each node in a pile has a different soil material relationship because the p-y
curves change with depth The nonlinear spring element in ADINA, which can be attached to the
pile at selected nodes, 'is elastic, i. e, it unloads along the same path along which it loads, so,
unmodified, it is not a very good representation of lateral soil behavior. An improved option was
to use truss elements with nonlinear properties based on the soil p-y curve for each soil node. So
the soil reactions were defined using nonlinear truss elements with the material option "multilinear
with isotropic hardening." This material behavior is illustrated in Figure C-75  Although using
this behavior is more realistic than using a nonlinear, elastic spring, modelling the soil with this
behavior is not equivalent to using FLPIER’s nonlinear spring because there is no gap model.
This will cause the responses computed by ADINA and FLPIER to be somewhat different.
Because this soil model in ADINA is defined by stress and strain values, the p-y curve that it
represents had to be transformed to an equivalent stress-strain curve, which may also introduce

some error. This procedure was used for each node in the soil, a total of 16, which resulted in 16
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nonlinear material truss element curves. It took about 2 days the model the soil using ADINA,
which is quite a long time for such a simple problem. Figure C-75 shows a representation of the
ADINA nonlinear material model.
Nonlinear Results — Test 1

The first nonlinear numerical test was to apply a harmonic load to the structure such that
would it would behave nonlinearly. The load applied was 100 kips; the analysis was performed for
500 time steps, and the time step size was equal to 0.001s. A comparison of output from both
programs is shown in Figure C-76. Figure C-77 shows a plot of the p-y behavior for the first soil
spring in FLPIER and the stress-strain curve for the first nonlinear truss element in ADINA. Note
that these plots explain the difference in period after the first cycle in F{gure C-76, since the soil
stiffness 1s unavoidably different in both models.
Nonlinear Results — Test 2

A second nonlinear numerical test was performed. First to make sure that the soil models
were in agreement for both programs for static loading, a static load that would produce a
nonlinear behavior was applied. It was applied as a 200 kip load in the direction shown in Figure
C-70. This is the same location at which the harmonic load was applied before. A cap
displacement of 0.646 inches was obtained after 6 iterations using FLPIER. Using ADINA, a cap
displacement of 0.666 inches was obtained. These are close enough to conclude that ADINA
validated the stiffness of the system computed by FLPIER. Next, the dynamic load was applied,
and the results for the cap displacements are illustrated in Figure C-78. In the early part of the
time history both computed relations intercepted the time axis at the same time, which validates
correct modeling of the mass of the system by FLPIER, as well as the numerical integration

procedure used in FLPIER. The discrepancy observed later in the time history is explained by the
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differences between the nonlinear models adopted by the two programs, which have already been
described.

Figure C-79 depicts the p-y behavior for the first (topmost) nonlinear soil spring in
FLPIER and the stress-strain curve for the first (topmost) nonlinear truss element in ADINA.
Note that while the FLPIER model absorbs energy in the unloading, ADINA absorbs very little
energy because of its unloading path. This explains why the FLPIER response is different from the
response from ADINA in Figure C-78.

Validation Conclusions

Although this test was simple and did not address complications such as multiple soil
layers, soil cyclic degradation or earthquake loading, the results that were obtained show that for
this very simplified test the FLPTER dynamic formulation gives reasonable answers compared to
those given by ADINA. This is a first step in understanding the nonlinear dynamic behavior of
soil. The results, combined with actual test results modelled in the previous section, confirm the

validity of the FLPIER program.

SUMMARY, CONCLUSIONS AND RECOMMENDATIONS FOR FURTHER STUDY
Summary and Conclusions

A model for the nonlinear dynamic analysis of pile groups, group caps and supported
superstructures has been presented. Special attention was given to proper modelling of reinforced
concrete members of the system. The version of FLPIER that has been developed for this project
contains the following improvements relative to older versions of FLPIER.

1) A fiber model for modelling nonlinear bending of reinforced concrete cross sections,

including hysteresis with gapping in cracked regions.
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2) Distributed mass models for the piles, cap and superstructure for modelling dynamic
loads.

3) The facility to impose dynamic loads at the level of the pile cap or motion time
histories at some prescribed elevation in the soil, usually the top-of-rock elevation, for which the
acceleration time history is either known or can be estimated for a given design seismic event.

4) The capability to input estimated ground acceleration time histories into the piles
within the pile group at the support points of all p-y curves (equally in all piles).

5) Extension of the existing p-y models for the soil to consider unloading and gapping, to
include effects of radiation damping through user-prescribed values of a dashpot constant
attached to each p-y curve, and to include forced movement of the reference points (supports) for
the family of p-y curves needed to implement the algorithm for 4).

6) The specific formulation for p-y curves under dynamic loading given in Appendix B.

None of the p-y models currently implemented in FLPIER explicitly considers soil
liquefaction.

FLPIER was validated against a sophisticated finite element code, ADINA, for the case of
linear piles and nonlinear soil.

Application of the new version of FLPIER indicates that the proposed model for concrete
is in reasonable agreement with a number of reported test results. The comparisons of predicted
and measured behavior is thoroughly documented in this appendix. The fiber model adopted by
FLPIER to consider nonlinear bending and hysteresis in reinforced concrete seems to be effective
in modeling steel as well as circular and square reinforced concrete sections. It is clear from the
test results that anchorage slip is an important concern when analyzing reinforced concrete

members under cyclic loading, typical during earthquakes. Anchorage slip is not explicitly

C-52



included in the concrete model for FLPIER; however, it was shown that it is possible to model
anchorage slip effects by decreasing the value of the modulus of elasticity for both concrete and
steel. The model can be calibrated by performing physical tests for different cross sections and
adopting the corrected value for the moduli of elasticity in the analytical model. Note that for all
types of tests performed for the rectangular cross-section that was modelled numerically, the
same values of the corrected moduli of elasticity for steel and concrete gave the best results,
showing that anchorage slip is a function of the cross-section details rather than the type of
loading.

It is important to point out that the in concrete gap that was introduced into the fiber
model seems to replicate the stiffness degradation of the section very well. However, it is clear
from the hysteresis diagrams for all the tests that the bilinear steel model is not adequate for
larger lateral displacements. In such cases a steel model that includes strain hardening, and
possibly cyclic degradation, should be used. Anchorage slip should also be included in this
model.

In the case of the structures where soil was present (piled structures) it is clear that more
studies will nct-ad to be performed when multiple piles are used, because the dynamic group effect
is not yet well understood. Appendices D and E provide more insight into the dynamic group
effect based on new dynamic lateral load tests that were performed simultaneously with the
development of the new version of FLPIER. Use of the dynamic p-multipliers described in
Appendix B may also be of use in obtaining improved solutions for groups of laterally loaded
vertical piles. Although the p-multiplier model in Appendix B has not been incorporated into the
new version of FLPIER, user-input "static" p-multipliers can be specified for each pile or each

row of piles. Since the dynamic p-multipliers are shown in Appendix B to be frequency
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dependent, the user must first estimate the predominant frequency of the free-field ground motion
and then select an approximate value of the p-multiplier from Appendix B based on that
frequency. It is pointed out that dynamic p-multipliers have only been developed in Appendix B
for sands (soils whose stiffness increases in proportion to depth).

The approximations for p-y curves that were made in the analysis of centrifuge tests and
full-scale tests using FLPIER (Examples 6 and 7) gave reasonable estimates for the
displacements and forces acting in the structures from very simple soil parameters.

The FLPIER model presented here will require more study to be accurate for more
complicated cases, but it is important to point out that in all examples the program gave credible
predictions of the magnitude of the forces and displacements observed in physical experiments
under a variety of extreme loads. An example is the case of the pile groups in sand (Example 6).
FLPIER gave good approximations for the single pile and 2 x 2 pile group. For the 3 x 3 group,
its prediction was off by about 50% in relative terms but close in absolute value terms. In the
case of the Mississippi example (Example 7) FLPIER gave an excellent prediction for the pile
cap response, even with complications such as nonlinear prestressed battered piles. In this field
test system behavior was dominated more by the freestanding piles than by the soil that supported
the piles, so this example was a good test of the concrete model and program mechanics

The nonlinear dynamic analysis of pile-supported structures is a very complex subject,
and this appendix describes a fairly simple approximation to the problem that produced good
results for the types of structures studied. As a result, FLPIER can be used as-is by design
engineers who wish to develop a general understanding of what to expect from a structure under

lateral earthquake or impact loading with minimal effort in preparing input files.
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Copies of the version of FLPIER described here can be obtained from the Bridge

Software Institute at the University of Florida (http://www.ce.ufl.edu/~bsi/).

Recommendations for Further Development of FLPIER

The steps that should next be taken in the development of FLPIER for dynamic loading
are as follows:

1) Introduce a new steel constitutive model that includes strain hardening.

2) Study the behavior of full structures modelled with the nonlinear discrete element
model, compare the results to test results reported in the literature, and improve those parts of
FLPIER that warrant improvement.

3) Study, then model explicitly if warranted, the behavior of other cross sections, such as
prestressed concrete sections, sections with voids and sections with steel shapes or pipes encased.

4) Analyze structures modelled with nonlinear discrete elements, including the new p-y
model for the soil, and compare the results, if possible, to measurements reported in the
literature.

5) Perform additional field tests with pile groups to calibrate the FLPIER model for the
pile group effects, add the dynamic p-multiplier model described in Appendix B, and verify the
dynamic p-multiplier model.

6) Extend the hysteretic model developed herein for p-y curves to unit axial soil
resistance-displacement relations ("t-z" curves), Add a dynamic "t-multiplier" to the soil model

if warranted based on analysis of field tests on laterally loaded pile groups.
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Table C-1. Curve Coefficients

¢ (psi) H J K K
3000 0.07 0.95 342 1.26
3750 0.09 0.52 2.2 1.03
4000 0.10 0.61 461 1.01
Table C-2. Results for Example 2
FLPIER ‘
Ax(in) Secant Tangent Hays
(tangent)
S(kips) | M(kip.in) | S(kips) | M(kip.in) | S(kips) M(kip.in)
0.5 3.5 906.4 3.5 906.4 35 907
1.0 71 1812.7 7.1 1812.7 7.1 1810
L5 11.0 2721.6 10.8 2717.8 10.6 2720
20 NC NC 11.4 3145.5 11.5 3140
25 10.9 3297.8 10.9 3290
3.0 97 3363.2 9.7 3360
3.5 8.4 3393.6 8.4 3390
4.0 |70 34073 |70 3400

NC = No convergence achieved for the analysis.
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Table C-3. Design Details for Example 3

Diameter 60"
Height 30'

Cover to main bar 4"
Concrete strength f'c 5.2 ksi
Modulus of elasticity £, 4110 ksi
Longitudinal steel 25#14
Yield strength fy 68.9 ksi
Modulus of elasticity £, (adopted) 29000 ksi
Transverse steel #5 spiral at 3.5"
Yield strength fy 71.5 ksi
Axial force 1000 kips

Table C-4. Model Parameters for Example 3

File Stiffness Analysis type | Confinement | Convergence
circ2.in Secant Static No OK
circ21.in Tangent Static No OK
circ22.in Tangent Dynamic No NO
circ23.in Tangent Dynamic Yes OK
Table C-5. Design Details for Example 4

Diameter : 24"

Height 12'

Cover to main bar 0.8"

Concrete strength 1, 4.725 ksi

Modulus of elasticity E. 3918 ksi

Longitudinal steel 26#6

Yield strength fy 45.7 ksi

Modulus of elasticity £; (adopted) | 29000 ksi

Transverse steel #2 hoop at 5"

Yield strength fy 51 ksi

Axial force 400 kips
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Table C-6. Loading for Each Test for Example 5

Test fc (MPa) Axial (kN) Loading path

SO 30.75 300 Imposed X displacement

S1 29.0 212 Imposed X displacement
Imposed Y displacement

S2 31.1 284 Imposed X displacement
Imposed Y displacement

S3 299 310 Imposed X displacement
Imposed Y force

S4 277 253 Imposed X displacement
Imposed Y force

S10 28.5 Variable Imposed X force

Imposed Z force

Table C-7. Example 5: Parametric Computational Tests (Units are kN/mm?)

File E. e E, fy Confinement
bml.in 26.25 0.031 200 0.46 No
bml 1.in 13 0.031 200 0.46 No
bml 2.in 26.25 0.031 100 0.46 No
bml_3.in 26.25 0.015 200 0.46 No
bml 4.in 26.25 0.031 200 0.23 No
bml 5.in I3 0.031 100 0.46 No
bml 6.in 26.25 0.015 200 0.23 No
bml_7.in 13 0.015 100 0.23 No
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Table C-8. Example 5. Parametric Computational
Tests for Concrete Confinement under Different Strain Rates

File Strain rate (1/s) | Confinement
bmlin 0 No

bml srl.in 1x10° Yes

bml sr2in | 1x10% Yes

bml sr3in [ 1x10” Yes

bml _srd4in | 1x 107 Yes

bmi sr5in [ 1x 10" Yes
bm1l_sr6.in 1 Yes

Table C-9. Example 5: Parameters for Test SO (Units are kN/mm?)

File ts01 ts02 ts03 ts04

Ec 26.25 26.25 20 20

Es 200 200 920 90

Confinement No Yes No Yes

Table C-10 . Parameters Used in Tests S3 and S4

File Test | f'c Ec fy Es | Confinement | Time step

ts31.in S3 0.029 | 2625 | 046 200 | No 0.35

ts32.in S3 0.029 |20 0.46 90 | No 0.35

ts41.in S4 0.027 12625 | 046 200 | No 041
| 1s42.in S4 0.027 120 0.46 90 | No 0.41

ts43 .in S4 0.027 |20 0.25 90 | No 041
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Table C-11 . Example 6: Some Soil Properties for CSP1

Soil Type Nevada Sand

pmax 1.76

pmin 141

Unit Weight (g/cm”) 1.52 Upper layer 1.66 Lower layer
Relative Density 35-45 % Upper layer 75-80% Lower layer

After Wilson et al. [65]

Table C-12. Example 6: Masses (tons) for pile group tests

PG Cap mass Column mass | Top mass
2x2 132 174 233
3x3 329 193 468
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Figure C-2. Models for hysteresis loops proposed by some authors [18]

C-71



Figure C-3. Elastic-perfectly plastic model for mild steel

C-72



Tirsag~Sirain

for Concreis Oz

Siress) 710
A

b-u
13 i PRI 7 ok At
pe e H]

/ Feing

i
/ W—vghis
/4 4
i
<
o 93 /
i 4
\'"‘\, ; /
g2 2
fvgiie

H3n 287 471999

Figure C-4. Points on Concrete Stress-Strain Curve Used in FLPIER

C-73



Gireas~—Sirain

for Jonorate Jone

Stress g 01FHEE-03

[H3 )1 PO S 0 8- "3&3‘3

f Eain

¢~ BEGIE-03

/ N—valiyge
& =980 -03

>

ﬂ.*‘ﬁ._, 2B

- /—u.w;?aa—o‘z
IROOE 07

Teevigitia

Wain 25/ 471598

Figure C-5. Strain Values on Concrete Stress-Strain Curve Used in FLPIER

C-74



Sirena-Sirain

foe Temrrele

Hress /\ 3808

CLOIGB atn

Poini

H-vplye

I,/
/J ~3,437
2
f 3 ..”\3
Rl LA
o, ~4.333 )i
R ¥ .
\\ -4 584
w4 355
ot T8
H3.in 25/ 4/1958

Figure C-6. Stress Values on Concrete Stress-Strain Curve Used in FLPIER

C-75

Y-ugiye




4g,

A
Jr ]
& 05f.
&  Euf
| 0.20 £,
0.30 £
fcn-

Figure C-7. Envelope Curve for Concrete

C-76

Eyt

v



stress
o
& / o
// 2
/ Reloading

/

-/

v i
gap

Figure C-8. Concrete Behavior with Gap

C-71



Figure C-9. Bilinear Model for Concrete
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Figure C-15. 2-D Frame Subjected to Multiple Support Motion
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k = 10000 kip/in
m = 1 kip s/in

c = 200 kip s/in

Figure C-20. Example 1: Computer (Rheological) Model
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Figure C-21. Example 1: Comparison FLPIER and Measured Results — Reference for
Cyclic Loading
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Figure C-29. Example 4: Comparison of FLPIER and Test — Dynamic Moment with.
Hoop Spacing =5 in.

C-95



1000 g — 1

Chai et al. —@—
FLPIER unconfined ~-+ -

8000

6000

40001

Moment (kip.in)

2000

B

0 05 1 15 2 25 3 35 4 4.5 5

Lateral top displacement (in)

Figure C-30. Example 4: Comparison of FLPIER and Test — Dynamic Moment with
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Figure C- 33. Example 5: Parametric Study — E. and E; Changed
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Figure C- 34. Example 5: Parametric Study — f'c and fy Changed
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Figure C- 35. Example 5: Parametric Study — E and f Changed
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Figure C- 36. Example 5: Parametric Study — All Parameters Changed
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Figure C-40. Example 5: Comparison FLPIER with Physical Test, Modified Properties
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Figure C-41. Example 5: Imposed Tip Displacement Time History
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Figure C-43. Example 5: Comparison of FLPIER with Physical Test, ts02
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Figure C-44. Example 5: Comparison of FLPIER with Physical Test, ts03
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Figure C-45. Example 5: Comparison of FLPIER with Physical Test, ts04
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Figure C-47. Example 5: Imposed Y forces for Test S3
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Figure C-49. Figure C-48. Example 5: Comparison of FLPIER with Test S3, ts32
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Figure C-51. Example 5: Imposed Load in Y direction for Test S4
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Figure C-52. Example 5: Comparison of FLPIER and Physical Test, ts41
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Figure C-53. Example 5: Comparison of FLPIER and Physical Test, ts42
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Figure C-54. Example 5: Comparison of FLPIER and Physical Test, ts42
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Figure C-55. Example 6: Single Pile in Sand (Scaled Dimensions)
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Figure C-57. FExample 6: Top Ring Acceleration in Centrifuge Test, SP
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Figure C-57. Example 6: Comparison of Pile Top Displacements, SP
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Figure C-38. Example 6: Comparison of Bending Moments, SP
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Figure C-59. Example 6: Scaled Dimensions (m) for 2 x 2 pile group in sand (PG2)

C-120



10.668

2.286

4+— >

L 731
2.667 =
—
o| |
" O O O 7.314
@ o O
‘_J =
16.76 | 03
A

Figure C-60. Example 6: Scaled Dimensions (m) for 3 x 3 pile group in sand (PG2)
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Figure C-61. Example 6: Lateral Displacement at Top of Pile, 2 x 2 Group (PG2) —
Comparison of FLPIER and Physical Test Results
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Figure C- 62. Example 6: Bending Moment at Top of Pile, 2 x 2 Group (PG2) —

Comparison of FLPIER and Physical Test Results
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Figure C- 63. Example 6: Bending Moment at Top of Pile, 3 x 3 Group (PG3) —
Comparison of FLPIER and Physical Test Results
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Figure C-64. Example 7: Pascagoula, Mississippi, Test Structure
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Figure C-65. Example 7: Cap Load Time History for Pascagoula, Mississippi, Test
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Figure C-66. Example 7: Measured Displacement Time History for Pascagoula,
Mississippi Test, under Load Shown in Figure C-65
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Figure C-67. Example 7: Comparison of Test and FLPIER with Soil Properties from CPT
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Figure C-68. Example 7: Comparison of Test and FLPIER with Soil Properties from SPT
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Figure. C-69. Example 7: Comparison of Test and FLPIER with Soil Properties

Interpreted by Brown [71]
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Figure C-70. Model for FLPIER Validation Problem
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Figure C-71. Loading Time History for FLPIER Validation Problem
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Figure C-72. Comparison of Results from FLPIER and ADINA —
Pile Cap Displacements (No Soil)
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Figure C-73. Comparison of Results from FLPIER and ADINA —
Pile Cap Displacements (with Soil)
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Figure C-74. Nonlinear Soil Model Used in FLPIER in Verification Problem
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Figure C-75. Nonlinear Soil Model Used in ADINA in Verification Problem
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Figure C-76. Pile-Head Displacements for FLPIER and ADINA for Validation Problem,
Nonlinear Test 1
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Figure C-77. Nonlinear p-y Behavior for FLPIER (Left) and ADINA (Right) in
Validation Problem — Nonlinear Test 1
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Figure C-78. Pile Cap Displacements for FLPIER and ADINA for Validation Problem,
Nonlinear Test 2

C-137



gap

Figure C-79. Nonlinear p-y Behavior for FLPIER (Left) and ADINA (Right) in Validation
Problem — Nonlinear Test 2
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